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Many existing buildings in the United States designed and constructed
according to old standards are inadequate to withstand major earthquakes. A
major class of existing structures identified as posing major seismic hazards
are non-ductile reinforced concrete frames. Accordingly, significant research
has been devoted to develop different techniques to enhance the seismic

resistance of these structures.

This experimental research investigated the use of rectangular steel
jackets for seismic retrofit of non-ductile reinforced concrete frame columns.
Large scale columns were tested to examine the effectiveness of various types
of steel jackets for improving the ductility and strength of columns with
inadequate shear strength or with an inadequate lap splice in the longitudinal

reinforcement.

vil



Response of columns before and after being strengthened with steel
jackets were examined. Several types of steel jackets were investigated,
including rectangular solid steel jackets with and without adhesive anchor
bolts. The addition of adhesive anchor bolts stiffens the steel jacket, and is
essential for retrofitting wide columns with inadequaie lap splices. Field
welded as well as field bolted steel jackets were examined. Bolted steel jackets
offer the advantage of eliminating field welding.

Many of the retrofit schemes are shown to provide dramatic
improvements in the behavior of non-ductile reinforced concrete columns
under large cyclic inelastic loadings. Design guidelines for the use of
rectangular steel jackets as a seismic retrofit for non-ductile reinforced

concrete columns were developed and presented.
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CHAPTER1
INTRODUCTION
1.1 GENERAL

Many existing reinforced concrete frame buildings designed according
to older codes lack adequate seismic resistance. These buildings were
typically designed primarily for gravity loads, and were often inadequately
detailed to resist earthquake forces in zones of high seismicity. As a
consequence, considerable research has been devoted towards evaluating the
seismic behavior of non-ductile reinforced concrete frames, and examining
the performance of different retrofit techniques to improve the seismic
behavior of these structures.

The seismic retrofit of non-ductile reinforced concrete building frames
depends on many factors, including the types of structural deficiencies,
available stiffness, strength and ductility of the frame, importance of the
structure, site conditions, characteristics of expected earthquakes and the
desired level of upgrading. Possible strengthening systems include steel or
reinforced concrete jacketing, the addition of infill panels or shear walls, the
addition of steel bracing and the use of base isolation.

Older reinforced concrete building columns can be particularly
vulnerable structural elements. Collapse of a column or of a group of
columns is usually associated with at least partial collapse of the structure.
Two major deficiencies in non-ductile reinforced concrete columns are
inadequate lap splice in the longitudinal reinforcement and inadequate shear
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strength. Both of these deficiencies can significantly reduce the strength and
ductility of a column.

This study is directed towards strengthening and repair of rectangular
non-ductile reinforced concrete columns by the use of rectangular steel
jackets. Compared to concrete jacketing, steel jacketing may offer advantages
of reduced labor, cost and disruption to existing facilities. For some buildings,
the addition of steel bracing may not be adequate to prevent shear failure of
some columns. Steel jacketing may be considered a possible solution for such
columns.

Collapse of the Cypress viaduct during the Loma Prieta earthquake
of October 17, 1989 [1] led to a major seismic upgrade of bridge columns in
California. In a research study sponsored by the California Department of
Transportation, Chai et al [2] investigated seismic retrofitting of bridge
columns by the use of steel jackets. Test results for circular and oval jackets
indicated that steel jacketing provides an effective means of enhancing the
performance of columns with an inadequate lap splice or with inadequate
shear strength. However, the use of circular or oval steel jackets for
strengthening building columns may be undesirable since they occupy a larger
space compared to a rectangular steel jacket. Rectangular steel jackets may
fit better with partition walls and other non-structural elements.

1.2 BACKGROUND
1.2.1 General
Past earthquakes, including the 1971 San Fernando earthquake[4] and

the 1989 Loma Prieta earthquake[1] caused severe damage to older existing
structures. Lessons learned from previous earthquakes led to major changes



3

in design codes for new structures. On the other hand, considerable research
has been conducted on retrofit techniques to enhance the seismic resistance
of existing structures. In order to prevent loss to human life and property,
work is underway to strengthen older existing structures and bridges in
regions of high seismicity. Seismic retrofit of an existing structure may be
needed to enhance the seismic performance of the structure in future seismic
events, or to repair a damaged structure that has experienced an earthquake,
i.e. pre-earthquake strengthening and post-earthquake repair. To develop an
effective retrofit technique it is very important to identify the deficiencies and
the types of failure mechanisms to be prevented. This chapter reviews the
forces and deformations caused by earthquakes and the typical deficiencies
in non-ductile reinforced concrete frames, and in columns in particular.

1.2.2 Forces and Deformations in R/C Columns Caused by Earthquakes

An elevation of a three story frame is shown in Figure 1.1(a). Under
typical gravity loads, building columns see very small lateral deformations as
shown in Figure 1.1(b), resulting in small shear forces and bending moments.
However, under lateral loads, columns see large lateral deformations
associated with much higher shear forces and bending moments as shown in
Figure 1.1 (c-e). Reinforced concrete building columns must be adequately
designed to resist these high shear forces through the use of a sufficiently
large cross-section combined with an adequate amount of well detailed
transverse reinforcement. Columns in older frames designed primarily for
gravity load may lack adequate shear strength. Such columns may see rapid
degradation in lateral strength and stiffness, and possible loss of gravity load
capacity in a severe earthquake.

In addition to large shear forces, large bending moments develop at
the column’s ends during an earthquake. Adequate flexural capacity must be
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provided at the column ends to resist these large moments. If the
development of plastic hinges is anticipated at the column ends, adequate
flexural ductility must also be provided. Continuity in longitudinal
reinforcement at the column ends is preferred in order to fully develop the
flexural capacity and ductility of the column cross-section.

If the longitudinal bars have to be spliced, the splice should be well
proportioned to transfer large cyclic inelastic forces. A sufficient amount of
well detailed transverse reinforcement is also needed to confine any lap
splice in that region, confine the column concrete core and prevent outward
buckling of the longitudinal bars.

1.2.3 Common Deficiencies in Non-Ductile R/C Frames

Older non-ductile reinforced concrete frames were often designed and
detailed primarily to resist gravity loads. These frames may lack the lateral
strength and ductility to survive an earthquake without the risk of severe
damage or collapse. In order to develop an effective strengthening system for
these frames, the deficiencies should be well understood. This section
presents typical deficiencies in non-ductile reinforced concrete frames
constructed in the 1950’sand 60’s.The design of these buildings were based
on the provisions of the ACI 318-56 [5]and ACI 318-63 [6] building codes.

An elevation view of a portion of a non-ductile reinforced concrete
frame between two floors is shown in Figure 1.2. This figure illustrates
common deficiencies that may limit lateral strength and ductility.

1. Column has inadequate flexural strength and ductility due to short
and lightly confined lap splice located in the potential plastic hinge
regions.
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Figure 1.2 Elevation View of a Non-Ductile
R/C Frame Between Two Floors




2. Column has inadequate shear strength and ductility due to
insufficient and poorly detailed transverse reinforcement.

3. Beam has inadequate positive flexural strength and ductility due
to discontinuity of the beam bottom longitudinal reinforcement.

4. Beam-column joint has inadequate shear strength due to lack of
shear transverse reinforcement.

Sections 1.2.3.1 through 1.2.3.4 present discussions of these typical
deficiencies. Sections 1.2.4.1 through 1.2.4.4 present a brief summary of the
American Concrete Institute - ACI 318 design code provisions related . to
these details from the 1951 edition through the current code edition.

1.2.3.1 Inadequate Lap Splice

For practical reasons, reinforcing bars in reinforced concrete members
often need to be spliced. This is usually done by overlapping parallel bars.
Tension and compression lap splices are shown in Figure 1.3.1In a lapped
tensile splice the tensile force is transferred from one bar to the other
through the concrete surrounding the two bars. Force transmission depends
on bond between the bars and the surrounding concrete. The transfer of this
force at a lap splice causes radial pressure on the concrete, which may result
in a splitting crack along the plane of bars. The splitting cracks usually
initiate at the end of the spliced bar that is closer to the concrete surface.
Transverse cracks generally also develop along a lapped tensile splice. The
major transverse cracks occur at the end of the spliced bars, due to the
sudden reduction in the amount of steel bars in that region. In the presence
of moment gradient the first major crack occurs at the higher moment end.
The performance of a lapped tensile splice can be improved by the presence
of well detailed transverse reinforcement in the splice region. Ties in the
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splice region do not prevent the formation of splitting cracks, but delay the
opening of the splitting cracks and hence improve splice capacity.

In a lapped compression splice, force in one bar is transferred to the
other bar by bond between the bars and uncracked concrete surrounding the
bars. The uncracked concrete allows the use of compression lap splices
shorter than tension lap splices. In older existing buildings, column bar lap
splices were generally designed as compression lap splices. For ease of
construction, column bars were usually spliced just above the floor level in
the potential plastic hinge region as shown in Figure 1.2. During an
earthquake, these column lap splices may see large tensile forces. This, and
the fact that all the column bars are spliced at one location in the potential
plastic hinge region, may result in an early splice failure during an
earthquake.

Because the lapped splice causes radial stresses which result in a
tensile stress field around the spliced bars, concrete tensile strength and
concrete cover thickness greatly influence the behavior of lapped splices.
When the tensile stresses exceed the concrete tensile strength, a tensile
splitting crack will form along the lapped bars. If adequate cover is provided
and longitudinal bars are properly spaced, then bond failure may occur
without a general splitting failure along the plane of bars. Under large
inelastic loading, concrete strength and cover thickness play a less important
role in confining the splice and the benefit of adequate confinement by
transverse reinforcement increases. However, the benefit of cross ties at lap
splices in older existing buildings may be limited since the cross ties are
typically of insufficient amount, widely spaced and poorly detailed. For ease
of installation, cross ties in existing buildings were provided with 90 degree
hooks. These hooks tend to open when the concrete cover spalls off, reducing
cross tie effectiveness to confine the splice. As a result column lap splices in
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existing buildings are vulnerable during earthquakes. Concrete to steel bond
strength and the behavior of reinforced concrete lap splices have been
investigated by many researchers [27,28,29,30,31].

1.2.3.2 Inadequate Shear Strength

Short columns with inadequate shear strength experience brittle shear
failure under large cyclic shear force, which results in rapid strength and
stiffness degradation. Shear dominates the behavior of columns with small
span to depth ratios. Such columns exist in structural frames either as a part
of the original design or as the result of partial restraint of a taller column
by structural or non-structural elements over a portion of its height. The
latter is called a captive column. Figure 1.4 shows a captive column partially
restrained by a non-structural masonry wall. The partial restraint of a captive
column restricts the lateral deformation of the column and results in large
shear forces.

Under the actions of earthquake forces, large cyclic shear forces
develop in short/captive columns over their entire length. With each shear
reversal diagonal cracks cross each other at approximately 90 degrees. Shear
transfer along diagonal cracks depends on, along with other factors, the level
of strains developed in the transverse reinforcement. Yielding of transverse
reinforcement may result in significant degradation of shear transfer.
However, this is not the case when strain in the transverse reinforcement
remains in the elastic range. For older existing buildings, reinforced concrete
columns are lightly reinforced with transverse reinforcement. Consequently,
the strains in ties may reach levels well beyond yield, which results in early
strength and stiffness degradation of the column.



Figure 1.4 Shear Failure of a Captive Column in a School
Building, Tokachi-oki Earthquake,Japan, 1968,
Ref.[32].

11
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Shear inadequacy can be in the form of ties of insufficient amount and
wide spacing. Also, ties were typically anchored into the concrete cover with
90 degree hooks which tend to open when the cover spalls off under large
inelastic cyclic shear loading. Such transverse reinforcement does not provide
enough confinement for the concrete core nor is it adequate to resist the high
shear forces developed in short columns. Besides resisting a portion of the
shear forces, transverse reinforcement confines the concrete compression
zone, allowing larger strains to be reached before failure. The effectiveness
of transverse reinforcement on confining concrete has been investigated by
many researchers [7,8,9,10,11,12].

1.2.3.3 Embedment of Beam Positive Reinforcement

Under gravity loading, negative moments develop in beams at the face
of columns, causing tension at the top of the beam and compression at the
bottom. Since gravity loads controlled the design of older buildings, beam
longitudinal reinforcement at the face of columns was designed to resist
negative moment. However, large earthquake motions will cause moment
reversals at the beam ends. Beams in older existing buildings may not be able
to resist positive moment at the face of columns since beam bottom
reinforcement is typically embedded just 6 inches into the beam-column joint.
This very short embedment length is insufficient to develop the yielding
capacity of the steel bars at the face of the column.

The pull-out of the beam bottom reinforcement at the face of the joint
may limit the lateral resistance and energy absorption of a frame structure.
Pessiki et al [13] conducted a series of tests on full scale beam-column
interior joints to investigate the behavior of lightly reinforced concrete
columns and beam-column joint details. The test results showed that
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anchorage failure of beam positive reinforcement caused significant strength
and stiffness degradation of the beam-column subassemblage specimens.
Figure 1.5 shows a typical moment-rotation relationship for a specimen with
short embedded bottom beam reinforcement.

1.2.3.4 Beam-Column Joint Transverse Reinforcement

The design of beam-column joints received little attention in the
1950’°sand 60’s relative to the design of frame members. As a result, joints
in older reinforced concrete frames may lack adequate shear resistance,
which may limit the lateral resistance of frames, if not causing a complete
collapse of the structure[14]. Under lateral loads, large shear forces develop
in the beam-column joints. Such high shear forces in the joints may require
a large amount of transverse reinforcement. Older frames were typically
provided with little or no joint transverse reinforcement.

1.2.4 Summary of the ACI Code Provisions for R/C Buildings

1.2.4.1 General

Sections 1.2.4.2through 1.2.4.5present a summary of the provisions
of the ACI 318 building codes since 1951. The summary will be limited to the
issues related to deficiencies in non-ductile reinforced concrete frames. It
includes summaries of the requirements related to column lap splices, shear
transverse reinforcement, embedment of beam positive reinforcement into
the beam-column joint, and beam-column joint shear reinforcement.
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1.2.4.2 Column Lap Splice

Table 1.1 Summarizes the required lap splice length in columns
according to the provisions of the ACI 318-51 through ACI 318-89 codes. The
requirements for the length of the column lap splice in non-seismic zones
have not been changed since 1951. Beginning with the 1963 code, column lap
splices are presented as compression splices with minimum length of 12
inches. Whereas, beginning with the 1971 code, special provisions are
presented for seismic zones, and longer lap splices are required in regions of
high seismicity. Although the ACI 318-1977 code does not prohibit splicing
column bars at the column ends, the potential hinge region, the commentary
of the ACI 318-1977 (A.6.8) indicates that the mid-length region of the
column is a preferred region for splicing column bars. Beginning with the
1983 code, lap splices are permitted only within the center half of the
member length and should be proportioned as tension splices. This provision
prohibits the use of lap splices in the column’s potential plastic hinge regions.

In summary, lap splices in the 1951, 1956 and 1963 ACI code editions
were relatively short and were permitted at the column ends. In the 1971 and
1977 editions, lap splices in seismic zones were longer than required by
previous codes, but were still permitted at the column ends. The 1983 and
1989 code provisions required column lap splices to be proportioned as
tension splices with better confinement by transverse reinforcement. The
required lap splice lengths are longer than required by any previous ACI
code. Other major change in the 1983 and 1989 editions is prohibiting lap
splices at the column ends.
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1.2.4.3 Transverse Reinforcement

Column ties as small as #2 ( 0.25inch) bars were allowed in the older
ACI codes. In the 1971 code, the minimum bar diameter was associated with
the diameter of the longitudinal bars. All nonprestressed bars were required
to be enclosed by ties of at least #3 in size for longitudinal bars #10 or
smaller, and at least #4 in size for #11, #14 and #18 longitudinal bars.
Minimum bar diameters for transverse reinforcement have not changed since
1971.

The ACI code provisions for spacing between ties in non-seismic zones
have remained the same throughout all the ACI code editions since 1951.
The spacing is required to be the least of 16 column bar diameters, 48 tie
diameters or the smaller dimension of the column. In the 1971 code, the
maximum spacing between ties was limited to 4.0 inches in seismic zones. In
the 1983 and 1989 editions, tie spacing was limited to the smaller of one
quarter of the minimum column dimension or 4.0 inches.

Codes prior to 1963 required the restraint of every column bar by a
90 degree corner of a tie. In the 1963 edition, this code provision was
relaxed. A tie was required at every corner and alternate bar if the spacing
between longitudinal bars was not greater than 6.0 inches. Such tie was
required to have an included angle of not more than 135 degrees. This
particular ACI 1963 code provision has remained almost the same throughout
the 1989 ACI code, even in seismic zones.
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1.2.4.4 Embedment of Beam Positive Reinforcement

In non-seismic zones the embedment of beam positive
reinforcement basically remained the same throughout all the editions of the
ACI 318 code. At least one third of the positive moment reinforcement in
simple span members and one-fourth the positive moment reinforcement in
continuous members are required to be extended into the support. In beams,
this extension is required to be at least 6.0 inches.

In the 1971 code, special provisions for seismic zones were first
introduced. For members that are part of a primary lateral load resisting
system, the fraction of the positive reinforcement extended into the support
is required to be embedded to develop the yield strength of the bar in
tension at the face of the column. Starting with the 1983 edition, lap splices
of the reinforcement within the joint or within a distance of twice the
member depth from the face of the joint have been prohibited because such
splices are not considered reliable under inelastic cyclic loading. This
provision is an attempt to avoid bond failure and ensure the development of
the nominal flexural capacity of the beam at the face of the joint under cyclic
inelastic loading.

1.2.4.5 Beam-Column Joint Shear Reinforcement

The provisions of the ACI 318 codes prior to 1971 did not require any
transverse reinforcement in the beam-column joint. Beginning with the 1971
code, beam-column joints are required to be designed for shear equal to the
maximum shear in the connection, taking into account the column shear and
the shears developed from the yield forces in the beam reinforcement. Since
the development of inelastic rotations at the face of the joint is associated
with strains in the beam reinforcement well in excess of the yield strain, the
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ACI 318-89 code provisions require the joint to develop a shear strength
based on 1.25 the yield strength of the beam longitudinal reinforcement.

1.3 OBJECTIVES

The objective of this study is to examine the effectiveness of thin
rectangular steel jackets for seismic strengthening and repair of non-ductile
reinforced concrete columns. An additional objective is to develop design
guidelines for the use of rectangular steel jackets as a seismic retrofit
technique.

In one phase of the research program, columns with an inadequate lap
splice in the longitudinal reinforcement were tested before and after being
strengthened with steel jackets. Pre-earthquake strengthening and post-
earthquake repair of columns using steel jackets were examined. In another
phase, columns with inadequate shear strength were tested in both the weak
and the strong directions of the column cross section. Columns were also
tested before and after being strengthened with thin rectangular steel jackets.

1.4 SCOPE
1.4.1 General

The behavior of non-ductile reinforced concrete columns before and
after being retrofitted with steel jackets was experimentally evaluated. Test
specimens represented typical building columns designed and constructed in
the 1950’s and 60’sin the United States. Large scale columns were tested
under static reversed cyclic loading. All specimens were tested without axial
load.
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1.4.2 Retrofit of Columns with Inadequate Lap Splice

Seventeen large scale columns with an inadequate lap splice in the
longitudinal reinforcement at the base of the column were tested in this
phase. Details of column reinforcement were based on provisions of the ACI
318-56 [S] and ACI 318-63 [6] building codes. Five columns were tested as
basic unretrofitted specimens. Since the column width is an important factor
for strengthening columns with an inadequate lap splice, the test specimens
were of three different widths. The column splice was provided on the longer
side of the column cross section. Seven columns were strengthened with
different steel jackets before testing. Solid steel jackets with and without
adhesive anchor bolts were investigated for pre-earthquake strengthening of
columns. Five damaged columns were repaired before testing. Solid steel
jackets with and without adhesive anchor bolts or through-bolts were
investigated for post-earthquake repair of columns. Figure 1.6 shows a
column with an inadequate lap splice strengthened by the use of a
rectangular solid steel jacket and anchor bolts.

1.4.3 Retrofit of Columns with Inadequate Shear Strength

Eleven large scale columns were tested in this phase. Four columns were
tested as basic unretrofitted specimens. The remaining seven columns were
tested after being strengthened with steel jackets. Full and partial steel jackets
were investigated, as well as, welded and bolted steel jackets, Eight columns
were loaded in the weak direction and three in the strong direction to examine
the effectiveness of rectangular steel jackets in strengthening columns with
inadequate shear strength in both major directions. Figure 1.7 shows a column
with inadequate shear strength retrofitted by the use of a rectangular steel
jacket.



Figure 1.6 Column with Inadequate Lap Splice Strengthened
by Rectangular Steel Jacket and Anchor Bolts.
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Figure 1.7 Column with Inadequate Shear Strength
Retrofitted by Rectangular Steel Jacket.
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CHAPTER 2

SEISMIC RETROFIT OF R/C FRAMES
-REVIEW OF LITERATURE

2.1 INTRODUCTION

Selection of an effective seismic retrofit system for a particular
reinforced concrete frame building is dependent on many factors, including
the structural deficiencies in the frame, its period, available strength, stiffness
and ductility, soil conditions, characteristics of expected earthquakes,
importance of the structure and the required level of upgrading. Access to
the structure during strengthening operations can also be an important factor.
In general, strengthening the peripheral frames of a structure is often
preferred, since it minimizes disturbance to the occupants of the building.
However, preserving the aesthetics of existing elevations of some buildings
may limit the use of an external strengthening system. Further, external

strengthening systems are not always the most structurally effective retrofit
choice.

In the absence of current codes for seismic retrofit of older buildings,
most of the seismic strengthening of the existing buildings depends on the
engineer’s judgements. In general, the strengthening process starts with the
owner’s requirement, then evaluation of the existing structure and finally

selection and design of an adequate retrofitting technique for that particular
structure.

In 1984, the Federal Highway Administration released a report
including guidelines for seismic retrofitting of highway bridges[15]. In 1989,
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the Federal Emergency Management Agency (FEMA) released a document
containing recommendations on different techniques for seismic retrofit of
existing buildings [16]. These documents provide some guidance for engineers
involved in seismic retrofitting. However, many of the recommended
techniques and retrofitting details reported in these documents have not been
proven by experimental research. This chapter highlights some significant past
research results on seismic retrofit techniques for non-ductile reinforced
concrete frames. A detailed discussion is also provided on past research of
jacketing techniques for retrofitting columns with an inadequate lap splice or
with inadequate shear strength.

2.2 SEISMIC RETROFIT - BACKGROUND AND REVIEW OF
LITERATURE

2.2.1 General

Several techniques have been developed to improve the seismic
resistance of non-ductile reinforced concrete frames. These techniques
include addition of infill walls, addition of steel bracing and jacketing of
frame members.

Gaynor [17] experimentally investigated the use of concrete infiil walls
to improve the lateral strength of non-ductile reinforced concrete frames. A
one bay, single story frame was tested under cyclic lateral loading. Epoxy
grouted dowels were installed into the columns and beams across the
interface between the shotcrete infill wall and the concrete frame. The frame
columns act as boundary elements for the infill wall. Having short lap splices,
the frame columns failed in tension, limiting the lateral capacity of the
strengthened frame. Jimenez [18] investigated the use of an eccentric
reinforced concrete infill wall on a frame similar to that tested by Gaynor.
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The frame columns were jacketed with reinforced concrete to confine the lap
splice. The infill wall and the column’s jackets were cast in place
monolithically. The eccentric wall placement avoided the problem usually
associated with filling the gap between the top of the cast-in-place infill wall
and the bottom of the floor beam. Figures 2.1 through 2.3 show the details
and response of the specimens examined by Gaynor and Jimenez. Compared
to the concentric infill wall, the eccentric infill wall showed higher strength,
and developed the flexural capacity of the system. The lap splices in the
latter system performed well and the reinforcing bars developed yield. The
Gaynor and Jimenez studies showed the importance of strengthening column
splices even for frames strengthened by the addition of infill walls.

Alcocer and Jirsa [19] investigated the use of concrete jacketing to
improve the performance of a reinforced concrete frame connection. Figures
2.4 and 2.5 show the details of the test specimen. Tests were conducted on
large scale beam-column subassemblages. The repaired specimen was
strengthened by jacketing both the columns and the beams, including the
beam-column joint. The amount of added reinforcement in the column and
the beam concrete jackets was chosen to achieve ductile response. The
specimens were tested under bi-directional cyclic loading. Figure 2.6 shows
the hysteretic response of the basic unretrofitted and the strengthened
specimens in the north-south direction. Test results showed that concrete
jacketing could considerably increase the strength and stiffness of the
retrofitted specimens.

Estrada [20] tested a 3/4 scale model of an exterior beam-column
joint of an existing building strengthened by the addition of steel elements.
Figures 2.7and 2.8 show the details of the test specimen. The embedment of
the beam bottom reinforcement was inadequate to develop the yielding
capacity of the bottom bars at the face of the column. Steel plates were
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attached with anchor bolts to the bottom of the beams at the beam-column
joint to improve the positive flexural capacity of the beams. Brackets were
welded to the plates at the column face. The two brackets on the opposite
faces of the column were connected with a large threaded rod passing
through the column located just below the soffit of the beam. The columns
did not have adequate transverse reinforcement. The columns were
strengthened with fabricated steel channels attached with threaded rods to
the front and back faces of the columns. Partial encasement of the columns
with steel, rather than total encasement, was used to avoid removing the glass
curtain walls in the real building. The specimen was tested under cyclic
loading. The overall performance of the specimen was excellent. Figure 2.9
shows the hysteretic response of the specimen.

Pincheira [21] conducted analytical studies on the use of post-
tensioned steel bracing as a seismic retrofit for non-ductile reinforced
concrete frames. Low and medium rise buildings detailed according to older
codes in the United States were investigated on soft and firm soils. The study
showed that the lateral resistance of unstrengthened buildings was limited by
the failure of lap splices in the existing columns. The same study revealed
that shear failure of some columns in a strengthened medium rise building
on firm soils could not be prevented by the addition of bracing. Bouadi et al
[22] analytically investigated the use of eccentrically braced frames for
seismic retrofit of non-ductile concrete building frames. The study also
showed that the addition of steel bracing, by itself, may not be adequate to
prevent shear failure of columns.

Based on the above cited research, strengthening of columns may be
needed even with the use of some other strengthening system such as the
addition of infill walls or the addition of steel bracing systems. Column
strengthening could be done by jacketing the column to enhance flexural
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strength and ductility due to a short lap splice or to improve shear strength
and ductility due to lack of adequate shear reinforcement.

Jacketing of reinforced concrete columns consists of encasing existing
columns with reinforced concrete (cast-in-place or shotcrete), or steel
elements. Figure 2.10 shows details of typical column jackets. To avoid
excessive increase in flexural capacity, which may impose higher shear forces
on the member or on the joints, the jacket is often terminated before the
joint. Column jacketing may be the sole strengthening measure for a frame,
or it may be combined with other measures such as infill walls or bracing, as
noted above.

2.2.2 Jacketing of Columns With An Inadequate Lap Splice
2.2.2.1 Splice Retrofit Using Steel Jackets

After the 1989 Loma Prieta earthquake, considerable progress has
been made by the California Department of Transportation (CALTRANS)
in implementing retrofit measures to upgrade the seismic resistance of
bridges in California. One of the major deficiencies in older bridge columns
is inadequate flexural strength and ductility. Chai et al [2] conducted a series
of tests on four- 0.4 scale test specimens representing rectangular bridge
columns designed in the mid 1960’s. Figures 2.11 and 2.12 show the details
of the test columns. Column bars were all spliced at the base of the column.
Splice length was 15 inches, equivalent to 20 bar diameters. The specimens
were cantilever type fixed at the bottom and free at the top. All specimens
were tested under reversed cyclic load at the tip and a compressive axial load
equivalent to 0.1Af.. The retrofitted columns were strengthened with three
different types of steel jackets. All steel jackets were 48 inches high. The
jackets were terminated slightly short of the adjoining footing to ensure that
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only confinement was provided to the column, rather than an increase in size
of the critical section. One retrofitted column was strengthened with an
elliptical steel jacket made of 3/16 inch thick steel plates. The other two
retrofitted columns were strengthened with 3/16 inch thick rectangular steel
jackets and different types of stiffeners.

Figures 2.13 and 2.14 show the hysteretic response of the tested
specimens. The elliptical retrofit showed stable response up to 3.75 % drift
ratio (Column height = 144 inches). The steel channel retrofit showed an
acceptable response up to 2.75 % drift ratio. However, both retrofits may be
unacceptable for retrofit of building columns since both occupy large space
and may not fit well with partition walls. The stiffened rectangular steel
jacket (Figure 2.8d) showed rather poor response compared to the other two
jackets.

Valluvan [23]investigated the use of corner steel angles and straps for
strengthening of 12"x12" square columns with an inadequate lap splice.
Figures 2.15 through 2.17 show the details of the specimens. The average
concrete strength was 3500 psi. Specimens were subjected to repeated cycles
of axial load reversals. Two retrofitted specimens were strengthened with four
36 inch long 2"x2"x1/4"- A36 steel angles, and 12"x1"x1/4"steel straps at
every 6 inches. The quarter inch gap between the concrete column and the
steel elements was filled with dry-pack cementitious grout. The
unstrengthened column showed an early splice failure by splitting tensile
failure at a load equivalent to 70 % of the tensile yield capacity of the
column. However, the response of the two strengthened specimens was
satisfactory. Both specimens developed the yield capacity of the steel bars in
tension. No cracking was observed on the strengthened specimens in the
splice region until the final stage of loading.
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2.2.2.2 Splice Retrofit Using Fiber Wrap

Priestley [34]investigated the use of fiberglass/epoxy composite wraps
for strengthening of circular columns with an inadequate lap splice.
Cantilever type columns were tested under constant axial load of 400 kips,
and reversed cyclic lateral load. The test column was 12 feet high and 24
inches in diameter. It was reinforced with 26 # 6 grade 40 longitudinal
deformed bars. Transversely, the specimen was reinforced with #2 hoops at
every 5 inches. The lap splice length was 20 bar diameters. The fiber wrap
jacket was 4 feet high. It was extended over the bottom end of the column
in the lap splice region. The test results indicated that the high strength fiber
retrofit technique could improve the behavior of circular columns with an
inadequate lap splice, and increase both lateral strength and ductility.

It is important to note that the fiber wrap has a modulus of elasticity
of 3000 to 3500 ksi, approximately one tenth of steel’s modulus of elasticity.
This and the fact that the fiber wrap jacket has a small thickness suggests
that rectangular fiber wrap jackets may not be suitable for strengthening wide
rectangular/square columns with an inadequate lap splice.

2.2.3 Jacketing of Columns With Inadequate Shear Strength
2.2.3.1 Shear Retrofit Using Steel Jackets

Unjoh and Kawashima [24] investigated the use of 1.0 mm (0.04") thick
steel jackets for strengthening bridge piers with short development length in the
longitudinal bars. Figure 2.18 shows the details of the four columns tested in
this series. All specimens were 500x500 mm (20"x20")square columns. Every
column was reinforced with 46-10mm (46 # 3) deformed longitudinal bars. Half
of the longitudinal bars were terminated at 900 mm from the top of the base.
The columns were transversely reinforced by 6mm (#2) round bars every
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250mm (10"). The yield strength of the longitudinal bars was 3000 kg/cm ?
(F,=42.7ksi) and the yield strength of the ties was 2400 kg/cm ? (F,=34 ksi).
Column R-12 was tested as a basic unretrofitted specimen. Columns R-9 and
R-10 were strengthened with 1.0mm thick steel jacket of length equal to the
total depth of the column cross section. For column R-9, the 12 mm (1/2") gap
between the concrete column and the steel jacket was filled with concrete
mortar. However, the 3 mm ( 0.12") gap in column R-10 was injected with
epoxy resin. Column R-11 was similar to column R-10 but the length of the
steel jacket was 1.5 the total depth of the column cross section. Figure 2.19
shows the cracking patterns and failure modes. The basic column R-12 showed
the development of a hinge at the bar cut-off section, and a shear failure at the
same location. However, the strengthened columns developed the flexural
capacity of the column. With the longer steel jacket, shear cracks were
completely eliminated near the bar cut-off section.

Termination of half the longitudinal bars close to the base of the column
caused shifting of the hinge region from the base of the column to the bar cut-
off location. It is important to notice here that the shear failure concentrated
at the bar cut-off location. Although the columns were subjected to constant
shear force along the full height, no serious shear cracks were observed at any
other locations, even on the retrofitted columns. Deterioration of the concrete
in the hinge region under cyclic loading severely weakened that section. This
and the fact that the column was lightly reinforced by ties resulted in shear
failure at the bar cut-cff location. This suggests why just a 1.0mm (0.04") thick
steel jacket was able to solve this particular problem. Relative to its flexural
capacity, the original column did not have a very serious shear strength
problem.

Yoshimura et al [3] conducted a study on the use of welded steel plates
for seismic retrofit of short columns with inadequate shear strength. A total of
nine 7"x7" specimens were tested. Three columns were tested as basic
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unretrofitted columns with different amounts of longitudinal and transverse
reinforcement. The shear span to depth ratio was 1.0. Three columns were
strengthened with 6 mm (1/4") thick steel plates. The steel plates were
fabricated in two L-shaped panels in plan. After installation around the column
the panels were welded at two opposite corners. The 5 mm (0.2")gap between
the concrete column and the steel plates was injected with epoxy-based polymer
cement. The three basic columns were repaired after testing with similar steel
jackets. Figures 2.20 and 2.21 show the details of the specimens. All the
specimens were tested under a constant axial load equivalent to 0.1 Af. and
reversed cyclic lateral load. Test results demonstrated that, if a short column
is strengthened by welded steel plates, then brittle shear failure can be
prevented, and the column can develop its ultimate flexural capacity. It was
shown that similar steel jackets can be used for repair of damaged short
columns which have failed in shear. Figures 2.22 and 2.23 show the hysteretic
response of all the columns.

Chai et al [2] investigated the use of cylindrical steel jackets for seismic
shear strengthening of circular columns with inadequate shear strength. Six 24
inch diameter columns were tested under constant axial load equivalent to 0.1
Af. and reversed cyclic lateral load. Three columns were tested as basic
unretrofitted columns with different amounts of steel reinforcement. Figure 2.24
shows the details of a basic unretrofitted column and a retrofitted column with
a cylindrical steel jacket. The retrofitted columns were strengthened with 3/16"
thick cylindrical steel jackets. The "as built" circular shear column exhibited
relatively stable response up to a drift ratio of just less than 1.0 %. Afterwards,
the column failed in a brittle shear manner. The hysteretic response of the
retrofitted columns showed a large increase in ductility and energy absorption.
Figure 2.15 shows the hysteretic response of a basic unretrofitted column
reinforced with 2.5 % grade 40 steel and a similar retrofitted column.
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2.2.3.2 Shear Retrofit Using Concrete Jackets

Bett et al [25] conducted an experimental study on the behavior of
repaired and strengthened reinforced concrete short columns using concrete
jackets. The test specimens had a 12 inch square cross section reinforced with
eight #6 longitudinal bars, #2 ties spaced at 8 inches, and 1.0inch cover. One
of the specimens was tested, repaired by jacketing and then retested. The
remaining two specimens were strengthened by jacketing prior to testing. Figure
2.26 shows the details of the test specimens. All specimens were tested under
reversed cyclic lateral load and constant axial load. Strengthening was done by
encasing the original column with a shotcrete jacket reinforced with closely
spaced transverse ties. Specimens were first roughened by light sand-blasting.
The jacket reinforcement cages were tied and placed in position, then the
columns were shotcreted and float finished. The repaired column was done in
a similar way, but after removal of the loose concrete cover. Figure 2.27 shows
the envelope of the hysteretic response of the specimens. Testing of the basic
unstrengthened column showed shear dominated failure with considerable loss
of stiffness at displacements in excess of 1.0 % drift. Both the strengthened and
repaired columns performed better than the original column. They were
laterally stiffer and stronger than the original unstrengthened column.

Sugano [26] reported results of an experimental investigation on seismic
shear strengthening of short reinforced concrete columns using welded wire
fabric wrapping and mortar. The test specimen had a 250x250 mm (10"x10")
cross section. The shear span to depth ratio was 1.0.The specimens were tested
under reversed cyclic lateral load and constant axial stress of 26.3 kg/cm 2 (375
psi). Figures 2.28 and 2.29 show the details and the response of the test
specimens. Compared to the basic unretrofitted column, the strengthened
column showed a considerable increase in strength and stiffness with reasonable
ductility.
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2.2.3.3 Shear Retrofit Using Fiber Wrap

Priestley [35] investigated the use of fiberglass/epoxy composite wraps
for strengthening of circular columns with inadequate shear strength. Eight foot
high, 24 inch diameter columns were tested under a comparatively low constant
axial load of 133 kips and reversed cyclic lateral load. The shear span to depth
ratio was 2.0. The column was reinforced with 26 # 6 grade 60 longitudinal
deformed bars. Transversely, the column was reinforced with #2 hoops at every
5 inches. The fiber wrap jacket was extended over the full height of the column.
The test results indicated that fiber wrap jackets could improve shear strength
and ductility of circular reinforced concrete columns with inadequate shear
strength.

2.2.4 Column Retrofit by the Use of Rectangular Steel Jackets

As presented in the previous sections, several retrofit schemes have been
investigated for strengthening of non-ductile reinforced concrete frames. For
columns with inadequate lap splices, no previous research has successfully
developed rectangular steel jackets for strengthening of columns. In this study,
the use of rectangular steel jackets was successfully investigated for
strengthening of non-ductile reinforced concrete columns with inadequate lap
splices.

Rectangular steel jackets can provide adequate confinement for columns
with inadequate lap splices, however, they have poor out-of plane flexural
stiffness, which may result in an insufficient confinement of wide columns, as
shown in Figure 2.30(a). Adhesive anchor bolts could be used to enhance the
stiffness of rectangular steel jackets. Figure 2.30(b-d) shows columns
strengthened with steel jackets and anchor bolts. Wide washers help distribute
the anchor bolt force over wider zone, which can result in an additional
increase in the steel jacket stiffness. In this study, rectangular steel jackets with
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and without adhesive anchor bolts were investigated for strengthening of
columns with inadequate lap splices.

Rectangular steel jackets can be used for strengthening of columns with
inadequate shear strength. The sides of the stee! jacket parallel to the direction
of loading contribute to the shear resistance of retrofitted columns, but unlike
the transverse reinforcement, they may reach a critical dilation strain before the
development of the yield strain of the steel jacket. Figure 2.30(e-f) shows
columns retrofitted with rectangular and partial steel jackets for shear seismic
retrofit. The latter offers the advantage of strengthening columns with limited
accessibility to its all four sides. In this study, rectangular steel jackets were
investigated for strengthening columns with inadequate shear strength loaded
either in the weak direction or the strong direction. Also, the effectiveness of
isolated steel collars and partial steel jackets were examined.

2.3 SUMMARY

Some significant past research results on seismic retrofit techniques for
non-ductile reinforced concrete frames were presented. A detailed discussion
is also provided on past research of jacketing techniques for retrofitting
columns with an inadequate lap splice or with inadequate shear strength. Some
of the previous research showed that addition of steel bracing, by itself, may
not be adequate to prevent shear failure of columns. This indicates that in
some cases columns need to be strengthened even if a different global seismic
retrofit system was selected. Results of some previous research indicated that
rectangular steel jackets were not adequate as a seismic retrofit for columns
with inadequate lap splices. Also the effectiveness of rectangular steel jackets
as a seismic retrofit for columns with inadequate shear strength was questioned.
Rectangular steel jackets are the most suitable steel jackets for seismic
strengthening of non-ductile reinforced concrete building columns. Compared
to circular or elliptical steel jackets, rectangular steel jackets fit well with the
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partition walls and occupy considerably less space for retrofitting square and
rectangular columns.

In the study reported here, the use of rectangular steel jackets for
seismic strengthening and repair of columns with inadequate lap splices and
columns with inadequate shear strength was investigated. Design guidelines for
the use of rectangular steel jackets as a seismic retrofit technique are also
presented.
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Figure 2.4 Strengthening by the Use of Concrete Jackets,
Test Setup, Ref.[19].
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CHAPTER3

EXPERIMENTAL PROGRAM-
GENERAL

3.1 INTRODUCTION

In this study the use of rectangular steel jackets as a seismic retrofit
technique for non-ductile reinforced concrete columns was examined. Large
scale columns with inadequate lap splices in the longitudinal reinforcement
and columns with inadequate shear strength were experimentally investigated.
Columns were detailed according to the provisions of the ACI 318-56 and
ACI 318-63 codes. This Chapter presents part of the experimental program
including specimens details, test setup and instrumentation.

Twenty-eight large scale reinforced concrete columns were constructed
and tested before and after being retrofitted with steel jackets. Appendix "A"
presents the construction sequence of four columns. In one phase of this
experimental program, seventeen columns were tested to examine the
effectiveness of steel jackets in seismic retrofit of columns with an inadequate
lap splice in the longitudinal bars. In this report, these specimens are referred
to as "Flexural Column". Pre-earthquake strengthening and post-earthquake
repair of the flexural columns were investigated. Table 3.1 summarizes the
experimental program in this phase. Section 3.2.1presents the details of the
basic unretrofitted flexural columns. The details of the retrofitted flexural
columns are presented in section 3.2.3.The behavior of individual specimens
with inadequate lap splice is presented in Chapter 4.
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In a second phase of this experimental program, eleven columns with
inadequate shear strength were tested before or after being strengthened with
different steel jackets. In this report, these specimens are referred to as
"Shear Columns". Columns were loaded either in the weak or the strong
direction. Table 3.2 summarizes the experimental program in this series. All
columns in this series were 18" x 36" in cross section. No post-earthquake
repair was examined in this series, just pre-earthquake strengthening. The
details of the basic unretrofitted shear columns are presented in section 3.2.2.
The details of the retrofitted shear columns are presented in section 3.2.4.
The behavior of each individual specimen with inadequate shear strength is
presented in Chapter 5.

3.2 SPECIMEN DETAILS
3.2.1 Basic Flexural Columns (With Inadequate Lap Splice)

The test specimen was a cantilever type column, representing half a
column in a real building frame. Cyclic lateral load was applied at the tip of
the column. Figure 3.1 shows the details of the basic flexural columns.
Footings were 80" x 80" in plan and 24" thick. Every footing was reinforced
with a top and bottom mesh of 14#6 grade 60 deformed bars in both
directions. Flexural columns were all 9.0 feet high from the top of the footing
to the point of load application, to ensure flexure dominated behavior. All
columns were loaded in the weak direction. Longitudinal bars/splices were
located on the longer side of the column cross section, to examine the
effectiveness of the stecl jackets in confining lap splices on large size/wide
columns. Longitudinal bars were all spliced at the base of the column as
shown in Figure 3.1(e) . The lap splice length was 24 bar diameters. Flexural
columns were transversely reinforced with #3@16" grade 40 deformed bars.
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Cross ties were provided with 90 degree hooks, as typically found in older
buildings. A concrete cover of 1-1/2 inches was provided for all column ties.

Flexural specimens were of four different types. Type "A" columns
were 18"x36"and reinforced with 16#8 longitudinal grade 60 deformed bars.
They were designed according to the ACI 318-63 code provisions, which
allowed the use of cross ties at every other bar if the spacing between the
longitudinal bars was less than 6.0 inches. Thus, type "A" columns were
transversely reinforced with #3 @ 16" grade 40 deformed cross ties at every
other longitudinal bar as shown in Figure 3.1(a). Type "B" columns were
designed according to the ACI 318-56 code provisions. The details of type "B"
columns were similar to those of type "A" columns, but a cross tie was
provided at every longitudinal bar, as shown in Figure 3.1(b). Type "C"
columns were 18"x27" and reinforced with 12#8 grade 60 longitudinal
deformed bars. Cross ties were #3 @ 16" grade 40 and were provided at
every other longitudinal bar, as shown in Figure 3.1(c). The type "D"
specimen was an 18"x18"square column, reinforced with 8#8 longitudinal
deformed bars. Transversely, the type "D"column was reinforced with only
one #3 peripheral tie every 16 inches. Figure 3.1(d) shows the cross section
details of column type "D".

3.2.2 Basic Shear Columns (With Inadequate Shear Strength)

Figure 3.2 shows the details of the basic shear columns. Shear columns
were built on footings similar to those used for the flexural columns. All
shear columns were 4.0 feet high from the top of the footing to the point of
load application, to ensure shear dominated behavior. Eight columns were
loaded in the weak direction, having a shear span to depth ratio of 2.67.
Three columns were loaded in the strong direction, having a shear span to
depth ratio of 1.33. All columns were reinforced with 1648 grade 60



O-2

N suwnjo) Jesyg diseg ey} Jo sjieleg ¢'e einbiy - oo 2E0US 0 %»..u_.u”ww _W_«MMM _MW Mz vﬁ“w._moﬂ o)
Or D0 DEH#SOLL e
09°10 8#91 B -
JUOWedI0juUjoY Uey e — p”
* -t
z8|w o
o 0Q>.—. AOv 8o ® ~/]
5815 T N
) Q
% <> 8ls T
S oI® N A\V.i
agls |° 4@
1 \__\ :
! 96 UORoeI|Q eOM 8L U] pepeo
- uwn|o) Jeeys resjdAL e Jo sireqeq wewedlojujey (e)
«8, 8dAL (0) V. 0dAL (Q)
Lt |t
Kk k— 8
.
z8lo |3
mnam @ I_l-l o
% <> g8 <> RN o B 3
=8z T
3 = A.v....
- —F “MI'@I llilu P -ll-abl

O-2



73

longitudinal deformed bars. Bars were not spliced, but continuous
throughout the column and into the footing, as shown in Figure 3.2 (2) & (d).
Types "A" & "C"were transversely reinforced with cross ties at every other
longitudinal bar. However, type "B"columns were transversely reinforced with
cross ties at every longitudinal bar. Type "A"& "B"columns were loaded in
the weak direction, while type "C" columns were loaded in the strong
direction.

3.2.3 Retrofitted Flexural Columns

Retrofitted columns were strengthened or repaired by the use of
rectangular steel jackets, except specimen FC7, where the lap splice was
welded. Steel jackets were provided in the splice region at the base of the
column. The specific details of each steel jacket are presented in chapter 4.
Section 3.2.3.1presents the general details of rectangular solid steel jackets
with and without adhesive anchor bolts. Section 3.2.3.2presents the general
details of steel collars used for strengthening columns with an inadequate
splice. The general details of steel jackets with through bolts used for repair
of damaged columns with an inadequate splice are presented in section
3.2.3.3.The details of a welded splice for repair of a damaged column are
presented in section 3.2.3.4.

3.2.3.1 Rectangular Solid Steel Jacket with Adhesive Anchor Bolts

Columns retrofitted using rectangular solid steel jackets were of three
different widths, 36",27" and 18".The height of the rectangular solid steel
jacket was either 1.50r 1.2times the length of the lap splice. The steel jacket
was terminated 1.5 inches above the column base to prevent any possible
bearing of the steel jacket against the footing. Such bearing may considerably
increase the column’s required shear strength, or may damage the jacket. For
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the 36 inch wide columns, the confinement provided by the steel jacket may
be reduced because the steel plate has poor out-of-plane flexural stiffness.
Such a steel jacket was tested with and without adhesive anchor bolts. Figure
3.3(b) shows a column strengtheried by the use of a rectangular steel jacket
and adhesive anchor bolts.

Adhesive anchor bolts stiffen the steel jacket and potentially improve
the performance of the strengthened column. All adhesive anchor bolts were
1.0inch in diameter and 12 inches long. They were embedded eight inches
into the concrete column. Appendix "B"shows the details and the installation
procedure for anchor bolts used in this research.

Figure 3.3 shows the details of a typical steel jacket. The steel jacket
was made of 1/4 inch thick A36 steel plates. The corners of the jacket were
2"x2"x1/4"stecl angles. The steel plates were welded to the angles by 1/4
inch fillet welds. The steel jacket was fabricated in two L-shaped panels in
plan. Holes were then drilled into the jacket for placement of the anchor
bolts. The hole diameter was 1 5/8 inches. Holes were made oversize for
ease of anchor bolt installation. A 4"x4"x1/2"plate washer was used with each
anchor bolt to distribute the bolt force over a larger area and confine a
larger zone at the splice plane. One inch thick steel spacers were welded on
the inside face of the steel jacket to maintain the 1.0inch gap between the
concrete column and the steel jacket during assembly, and before grouting.

No special surface preparation was performed for the column concrete
surface before the installation of the steel jacket. After being assembled
around the column, the two free opposite corners of the L-panels were then
welded. The final inside dimensions of the steel jacket were 2 inches larger
than the dimensions of the concrete column. The one inch gap between the
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concrete column and the steel jacket was filled with commercial premixed
non-shrink cementitious grout.

3.2.3.2 Steel Collars

Figure 3.4 shows the details of a steel collar jacket used for
strengthening columns with an inadequate lap splice. A feature of this system
is that it does not require any field welding, which may be advantageous in
some applications. The steel collars were made of C4x7.25 A36 steel
channels. Each collar was made of four channels connected with two 1/2 inch
A325 bolts at each corner. The ends of each channel were cut at 45 degrees.
A 1/2 inch steel plate was welded at the channel ends for connection with
the 1/2 inch bolts. A 3/4 inch gap was maintained between the concrete
column and the steel collar. The gap was later filled with commercial
premixed non-shrink cementitious grout. The steel collars were investigated
with and without anchor bolts.

3.2.3.3 Rectangular Steel Jackets with Through Bolts

Figure 3.5 shows the details of a steel jacket with through bolts. This
particular steel jacket was used for repair of damaged columns with an
inadequate lap splice. The details and assembly procedure of the steel jacket
are similar to the steel jacket with anchor bolts. Before installation of the
steel jacket, all the loose concrete cover on the damaged specimen was
removed. The concrete was chipped off at least one inch behind the interior
spliced bar. This allowed spliced bars to be embedded into new
concrete/grout, which may have contributed to the improved splice behavior
and kept the cold construction joint away from the potential splitting crack
plane. The minimum thickness of the non-shrink grout was 6.0 inches. After
the grout had gained enough strength, holes were drilled into the concrete



R 3/4" Non-Shrink Grout

Steel Channel C4x7.25 2 -1/2" A325 Bolts

Figure 3.4 Shear Strengthening by the use of Steel Collars

1/4" Thick Steel Jacket 3/4" Threaded Through Bolts

2"x2"x 1/4" Steel Angle Average 6.0 " Thick
Non-Shrink Grout

Figure 3.5 Details of Steel Jacket with Through Bolts
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column. Each hole was drilled from opposite faces of the column. The
diameter of the hole was 1-1/8 inch in diameter. The threaded rod was 3/4
inch in diameter. The through threaded rods were not bonded to the concrete
column.

3.2.3.4 Welded Lap Splice

This technique was used for repair of a severely damaged column with
an inadequate lap splice. Figure 3.6 shows the details of the welded lap
splice. Weld design was according to the American Welding Society Standard
AWS D1.4-79 [33]. A double-flare-V-groove weld was used for all lap splices,
unless the splice was accessible from only one side. In such a case welding
was performed on one side of the spliced bars using a single-flare-V-groove
weld, but the weld length was doubled. An axial tensile test of a welded lap
splice, welded by double-flare-V-groove weld, showed that such a welded
splice could develop at least 90% of the ultimate tensile strength of the bar.

3.2.4 Retrofitted Shear Columns

The columns with inadequate shear strength were retrofitted using
several different types of steel jackets. In addition to solid steel jackets and
steel collars, partial steel jackets were investigated for cases with limited
access to all four sides of a column. Section 3.2.4.1presents the details of
rectangular steel jackets used for strengthening columns loaded in either the
weak or the strong direction. The details of steel collars used for
strengthening columns with inadequate shear strength are presented in
section 3.2.4.2.The details of the partial steel jackets are presented in section
3.2.4.3.
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Figure 3.6 Details of Welded Lap Splices

1.5° Thick Non- 3/4" A325 Bolts
Shrink Grout @ 8" c.c.(Typical)

3"x3"x1/4"
34" Thick = /V Steel Angle
L] c i
Steel Plate (Fyplca)

Figure 3.7 Details of a Bolted Solid Steel Jacket

Holes: 13/16" dia.
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3.2.4.1 Rectangular Solid Steel Jackets - ( Welded & Bolted )

The steel jacket covered the full height of the column, and was
terminated 1.0inch above the base of the column. Other details of the steel
jackets used for strengthening columns with inadequate shear strength
(Figure 3.3) were very similar to those used for strengthening columns with
an inadequate lap splice. However, for the shear columns, no anchor bolts or
through bolts were used with the full rectangular steel jackets. Since welding
may not be permitted inside some existing structures, to avoid fire hazards
or welding fumes, a bolted rectangular steel jacket was investigated in this
series. Figure 3.7 shows the details of a bolted steel jacket. The steel jacket
was fabricated in two L-shaped panels. The comners of the bolted steel jacket
were 3"x3"x1/4"steel angles. The free ends of the L-panels were drilled for
the installation of 3/4 inch A325 bolts. The nuts were welded to the inside
of the steel jacket. After being placed around the column, the two L-panels
were bolted using 3/4 inch bolts. The connection was treated as slip critical.
The bolts were fully tensioned to the values given in the AISC Specifications,
using turn of the nut technique. The inside dimensions of the steel jacket
were 3.0inches larger than the dimensions of the concrete column. This left
a gap of 1.5inches between the column and the steel jacket. A larger gap
was used for the bolted jacket than the welded jacket to facilitate assembly.

3.2.4.2 Steel Collars

The details of the steel collars used for strengthening of columns with
inadequate shear strength are very similar to those used for strengthening
columns with an inadequate lap splice (See section 3.2.3.2).No anchor bolts
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or through bolts were used with the steel collars for strengthening columns
with inadequate shear strength.

3.2.4.3 Partial Steel Jackets

Two types of partial steel jackets were examined. Figure 3.8shows the
details of the 2/3 U-shape partial steel jacket. This steel jacket was
examined for strengthening columns with inadequate shear strength loaded
in the weak direction. It offers the advantage of strengthening columns with
limited accessibility to its four sides. This represents a situation where a
curtain/partition wall is framing into the outer 1/3 of the column cross
section. The jacket was along the full height of the column, and was
fabricated in one U-shaped panel. Five 1-1/8 inch holes were drilled into the
column every 8 inches for the use of 3/4 inch threaded rods. The matching
holes in the steel jacket were 1-5/8 inches in diameter. The threaded rods
were greased and covered with plastic tape to prevent bond between the rods
and the concrete column. The one inch gap between the column and the steel
jacket was filled with commercial premixed non-shrink cementitious grout.

Figure 3.9 shows the details of the C-shaped partial steel jacket. This
steel jacket was examined for strengthening columns with inadequate shear
strength loaded in the strong direction. It offers the advantage of
strengthening columns with limited accessibility to two its four sides. This
represents a situation where a partition wall is framing into the middle 1/3
of the column cross section. The jacket was along the full height of the
column, and was attached to the column by sixteen 1.0 inch diameter
adhesive anchor bolts. Holes were drilled into the concrete column, and the
steel jacket, separately. After the jacket was erected around the column,
adhesive anchor bolts were then placed 8.0inches into the concrete column.



2"2'x1/4"
Steel Angle

‘ i l 1.0" Thick Non-
L"@’J Shrink Grout

Figure 3.8 Details of 2/3 U-Shaped Partial Steel Jacket

1/4" Shop Fillet Weld

1/4® Thick A36
Steel Plate

EXISTING R/C COLUMN

1.0" Thick Non-_/ 1.0" Dia. Adhesive
Shrink Grout Anchor Bolts

Figure 3.9 Details of C-Shaped Partial Steel Jacket
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The one inch gap between the column and the steel jacket was filled with
commercial premixed non-shrink cementitious grout.

3.3 MATERIAL
3.3.1 Concrete

The concrete properties for the different test columns are summarized
in Tables 3.3 and 3.4.Ready-Mix concrete was used for all columns. It was
mixed and delivered by a local concrete supplier.

3.3.2 Steel
3.3.2.1 Deformed Reinforcing Bars

Grade 60 deformed reinforcing bars were used for all longitudinal bars
in both the flexural and shear columns. Grade 40 deformed reinforcing bars
were used for all column transverse reinforcement ties. These grades of steel
for longitudinal and transverse reinforcement were chosen to represent 1950’s
and 1960’s construction. Table 3.5 summarizes the properties of the steel
reinforcing bars used in this research. Note that the actual yield strength of
the Grade 40 bars was nearly 60 ksi.

3.3.2.2  Steel Plates
The steel jackets were made of 1/4 inch thick A36 steel plates. Table

3.5 shows the specified and actual tensile strengths. Note that the actual yield
strength of the A36 plates was S0 ksi.
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3.3.3 Non-Shrink Grout

Two different types of non-shrink grout were used in this research.
They are commercially known as, "Sika Grout 212" and "Euclid N-S". Both
are non-corrosive, non-shrink cementitious grouts. They are supplied in 50 Ib
pre-mixed bags, ready to use after the addition of water. The average
water/grout ratio was 0.15.

|| Table 3.5 Summary of the Steel Properties | ||

Specified Yield
peet N Actual Properties
Strength
Type of Steel
Fy (ksi) Fy (ksi) Fu (ksi)
Longitudinal Bars 60 63 100
# 8,Gr.60
Ties #3, Gr.40 40 58 o1
1/4" A36 Plates 36 50 64

3.4 TEST SETUP

Figure 3.10 shows the test setup for the flexural and the shear
columns. The test column was framed into a large footing to provide a fixed
end. The footing was prestressed to the laboratory floor using 1-1/4 inch
threaded rods. A lateral load was applied at the tip of the column using
either a 200 kip or a 500 kip actuator. A 200 kip load cell, or pressure
transducers were used to monitor the lateral force. This test setup provided



200 Kip 200 kip

Actuator Load Cell
+ o
Flexural ©
Reaction Column ()
wall

Lab. Floor

(a) Flexural Column Test Setup

Reaction
wall

Lab. Floor

(b) Shear Column Test Setup

Figure 3.10 TEST SETUP
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for linear moment and constant shear along the full height of the column.
This represents the same kind of forces experienced by building columns
during earthquakes.

3.5 LOADING PROGRAM

No axial load was applied on any of the test columns. For the flexural
columns, the lateral load was increased in 5 kip increments until significant
inelastic displacement was observed. Lateral displacements were then
increased in increments corresponding to 0.5% drift ratios. The columns were
laterally loaded two complete cycles at every load/drift ratio level. The
loading sequence for the shear columns was similar, except the load
increment was 10 kips instead of 5 kips. Columns FC1, FC2, SC1 and SC2
were loaded an additional two, 20 kip complete cycles after yielding of the
longitudinal bars.

3.6 INSTRUMENTATION
3.6.1 Load Cell and Pressure transducers

A 200 kip load cell was used to measure the lateral loads applied at
the tip of the column with the 200 kip actuator. The load cell was mounted
in series with the hydraulic actuator. For specimens having lateral strength
higher than 200 kips, load was applied with a 500 kip actuator and pressure
transducers were used to monitor the lateral load. Pressure transducers were
mounted on the pressure hoses connected to the 500 kip actuator.
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(b) Shear Column, Layout of Linear Transducers

Figure 3.11 Layout of Linear Transducers
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3.6.2 Linear Displacement Transducers

For the flexural column, ten linear displacement transducers were used
to monitor the lateral displacements of the column. Lateral displacements
were measured at five different levels along the height of the flexural column.
For the shear columns six linear transducers were utilized to monitor lateral
displacements at three different levels. Figure 3.11shows the locations of the
linear transducers. Linear transducers were mounted on a reference steel
frame, and were of 5.0inch stroke or 15 inch stroke with accuracy of 1/1000
of an inch. ;

3.6.3 Linear Potentiometers

Linear potentiometers were used to measure the rotation of the
flexural column at three different locations. They were of 2.0inch stroke with
an accuracy of 1/1000 of an inch. Figure 3.12(a) shows the locations of the
linear potentiometers on the flexural column. The rotation values were
computed from the measured relative vertical displacements at the linear
potentiometers and the horizontal spacing between the linear potentiometers
on the opposite faces of the column. The linear potentiometers were
mounted on aluminum channels which were bolted to threaded rods
embedded into the concrete column. Figure 3.12(b) shows how the rotation
was computed from the measured displacement changes relative to a
reference value.

Linear potentiometers were also used to monitor any possible rotation
and displacement of the footing. These values were very small compared to
the displacements of the column. The column displacements reported in the
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(b) Computation of Rotation

Figure 3.12 Linear Potentiometers for the computation of Rotations
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following chapters have been corrected for the small measured footing
movements.

3.6.4 Strain Gages

The strains in selected reinforcing bars and in portions of the steel
jackets were measured using electrical strain gages. The locations of the
strain gages are shown in Chapters 6 and 7.

3.7 DATA ACQUISITION

The instrumentation devices were connected to a high-speed scanner,
which was controlled by a microcomputer. At each load increment the
instrumentation channels were read and saved. The software used allowed
conversion of test data to engineering units during the test. In addition, the
load and deflection of the tip of the column was monitored during each test
using an X-Y recorder.



CHAPTER 4

EXPERIMENTAL PROGRAM - FLEXURAL COLUMNS
( With Inadequate Lap Splices )

4.1 INTRODUCTION

The overall performance of the flexural columns (with inadequate lap
splices), including the lateral load versus drift ratio response is presented in this
Chapter. The drift ratio is defined as the tip displacement divided by the column
height, expressed as a percentage. The performance of each flexural column
during testing is presented and discussed. Details of the columns are shown

without the footing reinforcement for clarity.

A total of seventeen flexural columns were tested in this phase. Test
columns are presented in series as they were tested. For clarity they are

designated as follows :

1. Basic Unretrofitted Column ( BASIC-UR );
2. Pre-Earthquake Strengthened Column ( PRE-EQ-S );
3. Post-Earthquake Repaired Column ( POST-EQ-R ).

Flexural columns were tested under reversed cyclic lateral loading. No
axial load was applied to any of the columns. This is considered a more severe
test for columns with an inadequate lap splice, since axial compressive load
reduces the tensile force transferred by the splice. The main variables studied

in the flexural column tests are :
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Height of the steel jacket;

Pattern and number of adhesive anchor bolts ;
Width of the concrete column;

Different types of steel jackets.

el el el

Detailed presentation of the additional experimental data is presented
and discussed in chapter 6. This additional data includes measured strains on
the longitudinal reinforcing bars, on the steel jacket, and on the through bolts,
as well as measured rotations in the hinge region. Chapter 6 also presents a
complete discussion and comparison of the flexural columns. Sections 4.2
through 4.18 present the details and performance of the flexural columns.FC1
through FC17 during testing, respectively.

4.2 FLEXURAL COLUMN FC1 ( BASIC -UR)

Column FCl1 is a basic unretrofitted type "B" flexural column (Figure
3.1). It was reinforced with a cross tie at every longitudinal bar. Column FC1
was designed according to the ACI 318-56 code provisions. Figure 4.1(a) shows
the details of column FC1. The splice length was 24 times the longitudinal bar
diameter. The splice was located at the bottom of the column. Figure 4.2(a)
shows column FC1 in the test setup.

During the test, the first flexural cracks developed on the tension face of
the column at the bottom of the splice, during the 10 kip cycle. These cracks
formed at the column/footing interface. Also, at a load of 10 kips, other flexural
cracks developed in and beyond the splice region. It was observed that the
cracks inside the splice region were shorter and narrower than the cracks

outside the splice region. Figure 4.2(b) shows the crack pattern in the splice
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region at the end of the test, on the south side of the column. For column FCl,
the marked numbers on the column represent the cycle number, however, for
all other columns they represent the lateral load or the drift ratio. New flexural
cracks formed over the height of the column as the load was increased to 20
kips. During the 30 kip cycles, new flexural cracks formed inside the splice
region, along with minor extension of the existing flexural cracks. Increased
loading to 35 kips caused vertical splitting cracks along the bottom half of the
splice. The longitudinal starter bars yielded during the cycle to 40 kips. At the

same load, minor diagonal extension of the flexural cracks was observed.

The vertical splitting cracks extended over almost the bottom 3/4 of the
splice height during the cycles to 50 kips. This lateral load is equivalent to the
yielding flexural capacity of the column. Beyond the two cycles to 50 kips,
gradual loss of stiffness was observed. Yielding of the column bars just above
the top of the splice was observed at 1.5% drift ratio. Vertical splitting cracks
extended along the full length of the splice during the cycles to 1.5% drift ratio.
As the displacement was increased to 2.0% drift ratio the first layer of
transverse reinforcement above the footing yielded. Vertical cracks along the
spliced corner bars on the east and west sides of the column formed at 2.0%
drift ratio. Also, flexural shear cracks formed inside the splice at 2.0% drift

ratio, which indicated the influence of shear.

Figure 4.1(b) shows the hysteretic response of column FCl. The
response of the column shows stable hysteretic loops up to 1.5% drift ratio.
However, beyond 2.0% drift ratio the column showed dramatic loss in strength
and stiffness. Splice failure after yielding of the main longitudinal bars, and the

gradual rather than sudden extension of the vertical splitting cracks may be
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attributed to the relatively higher concrete compressive strength than the target
compressive strength. Column FC1 serves as a basic unretrofitted reference

specimen for column FC2 and FC3.

4.3 FLEXURAL COLUMN FC2 ( PRE-EQ-S)

Column FC2 is a strengthened type "B" flexural column. It was
strengthened with a 1/4 inch thick A36 steel jacket. Figure 4.3(a) shows the
details of column FC2. Since the cross section of the concrete column was
symmetrical about its weak axis, two different strengthening patterns were .used
on either side of the column. The west side was strengthened with a "plain” steel
jacket. However, on the east side, the steel jacket was stiffened with one vertical
line of five adhesive anchor bolts. The bolts were provided at mid-width of the
column. Figure 4.4(a) shows a photograph of column FC2.

During the test, the first flexural cracks formed at the column/footing
interface during the cycles to 10 kips. Several new flexural cracks developed
above the steel jacket as the load was increased to 30 kips. Also, at the same
load, cracks formed between the grout and the concrete column at the top of
the steel jacket. These cracks did not open, but rather remained very narrow.
Increased loading to 45 kips caused development of vertical splitting cracks at
the bottom of the splice, visible on the 1.5 inch unjacketed portion at the
column base. The vertical crack at the splice did not appear to affect the
performance of the column. First yielding of the main reinforcement bars was
observed at the same 45 kip load. This load is equivalent to the theoretical
flexural capacity of the column. During the cycles to 50 kips flexural cracks

extended diagonally forming flexural shear cracks, reflecting the influence of
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shear. The 50 kip load is equivalent to 1.25V%  bd. Figure 4.4(b) shows the

crack pattern after the completion of the test and removal of the steel jacket.

Column FC2 showed an elastic response up to a lateral load of 50 kips.
Increased loading above 50 kips produced large inelastic deformations. Figure
4.3(b) shows the hysteretic response of column FC2. The column was loaded in
0.5% drift ratio increments up to 4.5% drift ratio. In the inelastic range the
column showed gradual minor stiffness degradation. However, it did not show
any loss of strength until the end of the test. Compared to the basic
unretrofitted column FC1, column FC2 showed higher strength and much higher
ductility. Both the side with anchor bolts and the side without anchor bolts
showed similar responses. The need for anchor bolts was not clear in this test.
It is believed that the high concrete strength contributed to the satisfactory

observed response.

The maximum measured strains on the steel jacket were approximately
35% of the actual yield strain of the steel jacket. More detailed discussion on
the strains in the column is presented in chapter 6. After completion of the test,
the steel jacket and non-shrink grout were removed. No cracks on the concrete
column in the splice region were observed by the unaided eye. But, the column
was unloaded at that point. The same column was repaired with steel collars

and anchor bolts, and then retested as presented in the next section.
4.4 FLEXURAL COLUMN FC3 ( POST-EQ-R)

Column FC3 is a repaired type "B" flexural column. Although column
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FC2 was subjected to a 4.5% drift ratio, it showed no sign of distress in the

splice region. The only major cracks were outside the splice region, immediately
above and below the steel jacket. The same column was repaired with two steel
collars as shown in Figure 4.5(a). Since no cracks were observed on the column
in the splice region after the column FC2 test, the concrete cover was not

removed before the installation of the steel collars for test FC3.

Column FC3 had poor initial stiffness due to the presence of old cracks
over the height of the column. It was loaded in 0.5% drift ratio increments up
to the maximum stroke of the actuator. Figure 4.5(b) shows the hysteretic
response of column FC3. The first new flexural cracks formed immediately
above the splice at 1.0% drift ratio. As the load was increased to 2.0% drift
ratio, the flexural cracks extended diagonally. The first vertical splitting crack
at the splice was observed at 35 kips during the push cycle to 2.5% drift ratio.
The lateral strength in the push direction was a little bit higher than in the pull
direction, likely due to the presence of the anchor bolts on the east side only.
The splice splitting crack extended along the full height of the splice at 3.0%
drift ratio. The column was loaded up to the maximum stroke of the actuator.
The steel collars were clearly not as effective as the steel jacket. The level of

stress in the steel collars was very low during the test.

The poor stiffness of column FC3 may be due to two reasons:-

1. The cracks in the concrete column were inherited from the
previous test. These cracks opened up at an early stage of loading.

2. Not removing the old concrete cover. Although no major splitting
cracks were observed at the splice, this did not mean that the

concrete in the vicinity of the spliced bars was not distressed and



99

experienced micro-cracking due to the severe cyclic loading.

It is believed that repairing of the existing column cracks by epoxy
injection and replacement of the concrete cover might have enhanced the
stiffness of column FC3. In general, the performance of column FC3 was
unsatisfactory. Figure 4.6 shows column FC3 during the test.

4.5 FLEXURAL COLUMN FC4 ( BASIC-UR)

Column FC4 is a basic unretrofitted type"A" flexural column. It was
reinforced with a cross tie at every other longitudinal bar. Column FC4 was
designed according to the ACI 318-63 code provisions. Figure 4.7(a) shows the
details of column FC4. The splice length was 24 bar diameters. The concrete
uniaxial compressive strength at the day of testing was 2850 psi, significantly

lower than the previous columns.

During the test, the first flexural cracks formed at the column/footing
interface, at a load of 10 kips. Increased loading to 15 kips caused the formation
of flexural cracks just above the top of the spliced bars. Several new flexural
cracks developed above the splice at higher levels and inside the splice region
during the cycles to 20 kips. As the load was increased to 30 kips, vertical
splitting cracks formed at the bottom of the spliced bars. During the cycles to
35 kips, the vertical splitting cracks extended over the bottom half of the splice.
Also at the same load, some flexural cracks extended deeper into the column
section. Increased loading to 40 kips caused splice failure at both the east and
the west sides of the column. Figure 4.8 shows the crack pattern on column
FC4. The splice failure was associated with vertical splitting cracks along the full

height of the splice. Other vertical cracks were observed on the east and west



100

sides of the column, due to bond failure between the steel reinforcement bars

and the concrete in the splice region.

Strain readings showed that the strain in the main longitudinal
reinforcement bars was just below yielding. The splice failure thereafter
occurred before the development of the flexural yielding capacity of the column.
Figure 4.7(b) shows the hysteretic response of column FC4. It is quite evident
that column FC4 showed virtually no ductility and very limited energy
dissipation. As column FC4 showed a non-ductile, brittle splice failure, it was
chosen as a reference specimen for the remaining type "A" flexural columns of

the same size,

4.6 FLEXURAL COLUMN FC5 (BASIC-UR)

Column FCS5 is a basic unretrofitted type "B" flexural column. It was
transversely reinforced with a cross tie at every longitudinal bar. Figure 4.9(a)
shows the details of column FC5. The splice length was 24 bar diameters. The

concrete uniaxial compressive strength at the day of testing was 2980 psi.

Figure 4.9(b) shows the hysteretic response of column FCS5. Column FC5
had a higher amount of transverse reinforcement and slightly higher concrete
strength than column FC4. However, column FC5 showed lower initial stiffness
compared to column FC4. This is due to some bond deterioration between the
splice starter bars and the concrete footing. The same footing and starter bars

were used for the column FC2 test, which experienced a very severe test.

The first flexural cracks formed at the column/footing interface, at a load
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of 10 kips. Increased loading to 20 kips caused the development of several
flexural cracks over the bottom 2/3 of the column height. These flexural cracks
formed inside the splice region too. As the load was increased to 25 kips,
vertical splitting cracks formed at the bottom of the splice. These cracks
developed over the bottom 1/3 of the splice length. During the 30 kip cycles the

flexural cracks extended deeper into the column cross section.

The vertical splitting cracks extended to almost half the height of the
splice as the load was increased to 35 kips. Splice failure occurred when the
vertical splitting cracks extended over the full length of the lap splice, at a-load
of 40 kips. Also, at the same load the flexural cracks extended diagonally,
reflecting the influence of shear. Figure 4.10 shows the crack pattern on column
FCS5. Testing was continued up to 4.0% drift ratio at 0.5% increments, where
the column showed considerable strength and stiffness degradation. As
mentioned in the previous section, since column FC4 showed a more dramatic
splice failure, it was chosen as a basic reference unretrofitted specimen for the

flexural columns with the same size.

4.7 FLEXURAL COLUMN FC6 ( POST-EQ-R)

Column FC6 is a repaired type "A" flexural column. The basic
unretrofitted column FC4 was repaired, and then designated FC6. It was
repaired by the use of a rectangular steel jacket and anchor bolts. Figure 4.11(a)
shows the details of column FC6. After the completion of the column FC4 test,
the concrete cover over the bottom three feet was removed. This included the
two foot long splice region and an additional one foot above the splice. The

column reinforcement bars were exposed. However, the splice starter bars were
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left unexposed. The concrete core appeared to be in relatively good condition
so no further concrete was removed or chipped off behind the plane of the
spliced bars. The details of the steel jacket are similar to the column FC2 steel
jacket. The average thickness of the non-shrink grout was 3.0 inches.

Figure 4.11(b) shows the hysteretic response of column FC6. The
observed poor initial stiffness was likely due to the existing cracks in the
concrete column above the steel jacket, which was inherited from the previous
test. The first flexural cracks formed at the column/footing interface at a load
of 10 kips. Increased loading to 15 kips caused the opening of most of the old
flexural cracks in the concrete column above the steel jacket. Large inelastic
deformations were observed at loads higher than 40 kips. At displacements
above 2.5% drift ratio, the column showed significant strength and stiffness
degradation. At 4.0% drift ratio the column showed more than 60% loss of
strength. Figure 4.12 shows column FC6 during and after the test. The response
of the east and west side of column FC6 were almost identical. The presence
of anchor bolts on the east side did not enhance the response of that side over

the west side.

After completion of the test, the steel jacket was removed and the cracks
on the non-shrink grout were marked. Figure 4.13 shows the crack pattern on
the non-shrink grout. Notice the formation of a hinge at the bottom of the north
end, and concentration of cracks at the bar splice locations. The overall
performance of the column was not considered satisfactory due to the limited

ductility and low energy dissipation.

Test results of column FC6 indicate that:
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1. The use of anchor bolts may not improve the performance of the
steel jacket for post-earthquake repair of wide columns with
inadequate lap splice, possibly because they are embedded into
cracked concrete.

2. Removing the old loose concrete cover of the damaged column
may not be enough. It may be beneficial to remove more concrete
in order to move the new cold construction joint away from the

potential splitting crack plane at the center of the spliced bars.

Removing the portion of the concrete core in the vicinity of the spliced
bars results in replacing all the concrete surrounding the spliced bars by new
concrete. However, removing concrete that is intact with the column concrete
core may be undesirable. Since the core may be needed to carry gravity loads
during the repair operation. Therefore, another repaired column was tested
without further chipping of the concrete core. Column FC10 was repaired by
addition of a steel jacket after the removal of only the loose concrete cover.
Additional bolts were utilized in order to achieve a better performance by the
repaired column FC10 than that of column FC6. Section 4.11 presents the
details and the response of column FC10.

4.8 FLEXURAL COLUMN FC7 ( POST-EQ-R)

Column FC7 is a repaired type "B" flexural column. The basic
unretrofitted column FCS was repaired and then designated FC7 and then
retested. It was repaired by welding the spliced bars. Double and single -flare-V-
groove welds were used as described in section 3.2.3.4. All the loose concrete

was removed over the bottom 32 inches of the column. After welding the
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spliced bars, the removed concrete was replaced by non-shrink grout. The

original dimensions of the column were maintained after repair. Figure 4.14(a)
shows the details of column FC7.

The first flexural cracks formed at the two cold construction joints, at the
column/footing interface and at the top of the non-shrink grout. These cracks
formed at a load of 10 kips. The old flexural cracks in the column above the
bottom 32 inches opened up during the cycle to 15 kips. At the same load new
flexural cracks developed just above the splice, and also inside the splice.
Several new flexural cracks formed at loads of 20 kips and 30 kips. However,
during the 30 kip cycles the cracks were steeper. Increased loading to 40 kips
caused yielding of the longitudinal bars, and extension of the flexural cracks
deeper into the column cross section. During the cycle to 60 kips most of the
flexural cracks extended diagonally. These diagonal cracks were very steep. At
loads above 60 kips the column showed large inelastic deformations. The test
was continued up to 4.0% drift ratio. The column did not show any sign of
strength degradation. However, very minor stiffness degradation was observed
at large inelastic displacements. Figure 4.14(b) shows the hysteretic response of
column FC7. The response showed a typical pinching in the hysteretic loops of
reinforced concrete members under cyclic loading, but the overall performance
of column FC7 was considered satisfactory. Figure 4.15 shows column FC7 by
the end of the test.

4.9 FLEXURAL COLUMN FC8 ( PRE-EQ-S)

Column FC8 is a strengthened type "A" flexural column. It was retrofitted
with three steel collars as shown in Figure 4.16(a). The collars were spaced at



105

8 inches over the height of the splice, with the first collar at 6 inches from the

top of the footing. Adhesive anchor bolts were provided only on the east side.

During the test, the first flexural cracks formed at the column/footing
interface at a load of 15 kips. During the 20 kip cycles, flexural cracks developed
above the splice. New flexural cracks above the splice formed at the 25 kip and
30 kip cycles. The first vertical splitting crack in the splice region was observed
at a load of 35 kips. Figure 4.17 shows column FC8 during and after the test.
Increased loading to 40 kips caused the formation of vertical splitting cracks
over the full length of the splice. This was the same failure load as for the basic
unretrofitted column FC4. This indicated that the steel collars were ineffective
in confining the column lap splice. After the two 40 kip cycles, the column
showed large inelastic deformations. Figure 4.16(b) shows the hysteretic
response of column FC8. After the formation of vertical splitting cracks over the

length of the splice, the column showed dramatic loss in strength and stiffness.

The main longitudinal bars remained elastic with maximum observed
strains just below the yielding strain. Figure 4.18 shows the splice region during
and after the test. The cracks that formed behind the steel collars were marked
after the test. The overall performance of column FC8 was considered

unsatisfactory.

4.10 FLEXURAL COLUMN FC9 ( PRE-EQ-S)

Column FC9 is a strengthened type "A" flexural column. It was retrofitted
with a rectangular steel jacket. Figure 4.19(a) shows the details of column FC9.
The steel jacket was similar to that of column FC2. The east side of the steel
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jacket was stiffened with one vertical line of five anchor bolts spaced at 6 inches.
No anchor bolts were provided on the west side. The concrete uniaxial

compressive strength at the day of testing was 2905 psi.

During the test, the first flexural cracks formed at the column/footing
interface, at a load of 15 kips. During the cycle to 20 kips flexural cracks formed
just above the steel jacket. Increased loading to 25 kips caused the development
of several new flexural cracks over the middle one-third of the column, above
the steel jacket. Flexural cracks extended diagonally as the load was increased
to 40 kips. The longitudinal bars yielded during the 40 kip cycles. These strains
reached levels well beyond the yielding strain as the load was increased to 50
kips. At the same load, the strains on the steel jacket measured close to the
bottom of the splice reached almost one-quarter the actual yield strain of the
steel jacket.

Beyond the 50 kip cycles the column showed un-symmetrical response.
Figure 4.19(b) shows the hysteretic response of column FC9. In the push
direction, the splice on the east tension side was retrofitted with a steel jacket
and anchor bolts. However, in the pull direction, the west tension side was
retrofitted with only a steel jacket and no anchor bolts. Increased push loading
caused some gradual stiffness degradation, but did not affect the strength of the
column until large drift ratios. The east side with anchor bolts maintained its
lateral strength to more than 3.0% drift ratio. Although degradation of strength

was observed beyond 3.2% drift ratio, it was at a low rate.

On the west side, without anchor bolts, the column showed more rapid

strength and stiffness degradation beyond 1.5% drift ratio. It showed much
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lower ductility than the east side. Beyond 3.0% drift ratio the column showed
poor stiffness due to slip of the spliced bars under frequent cyclic loading. The
response of this column clearly showed the advantage of using anchor bolts with
the steel jacket. Figure 4.20 shows column FC9 before and after the test.

It was observed during the test that the steel jacket lost its effectiveness
in confining the spliced bars when the strains in the steel jacket reached levels
between 650 - 750 micro strains. This is discussed in detail in chapter 6.
Compared to the basic unretrofitted column FC4, the east side of column FC9,
with anchor bolts, exhibited higher strength much higher ductility and energy
dissipation. Although the results of this column were considered very
encouraging, two more specimens of the same column size were tested to
examine two major variables. These variables are the height for the steel jacket
and the number of anchor bolts. The other two columns FC11 and FCI12 are
presented in sections 4.12 and 4.13, respectively.

4.11 FLEXURAL COLUMN FC10 ( POST-EQ-R)

Column FC10 is a repaired type "A" flexural column. After the
completion of the column FC8 test, the column was repaired by the use of a
short steel jacket and was then designated as column FC10. The height of the
steel jacket was 27 inches, 7.5 inches shorter than the previous steel jackets.
Splitting cracks developed between the spliced bars during the FC8 test. The
concrete cover was first removed and the column main reinforcement bars were
exposed, as shown in Figure 4.22(a). The column concrete core was in relatively
good condition, so, no further concrete was removed or chipped off behind the
plane of the spliced bars. Figure 4.21(a) shows the details of column FC10.
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During the test of column FCI10, the old existing flexural cracks on the
concrete column opened up at a load of 15 kips. This resulted in an initial
stiffness lower than that of column FC8. Figure 4.21(b) shows the hysteretic
response of column FC10. At a load of 25 kips, vertical splitting cracks were
observed below the steel jacket at the bar splice locations. Increased loading to
35 kips caused yielding of the corner longitudinal bars. The column showed
essentially elastic response until the cycles to 40 kips. As the load was increased
to 50 kips, the column showed some inelastic deformations. At the same load,
strains in the periphery tie reached half the actual yielding strain. Afterwards,
the column showed loss of stiffness until the cycles to 2.5% drift ratio. At
displacements above 2.5% drift ratio stiffness degradation was associated with
strength degradation. The test was stopped at 3.5% drift ratio, where the drop
in strength reached almost 50%. Figure 4.22(b) shows column FC10 during the
test.

Test results of column FC10 was reasonably acceptable. However, one
more column in this series was repaired and tested. The last repaired column
named FC13 was retrofitted by the use of a steel jacket and through bolts.
Section 4.14 presents the details and performance of column FC13.

4.12 FLEXURAL COLUMN FC11 (PRE-EQ-S)

Column FCl11 is a strengthened type "A" flexural column. It was
strengthened by the use of a short steel jacket. The height of the steel jacket
was 27 inches. Figure 4.23(a) shows the details of column FC11. The steel jacket
was stiffened with eight anchor bolts on the east side. The bolts were distributed

on two vertical lines of four anchor bolts each. On the west side, the steel jacket
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was stiffened with six anchor bolts, distributed on two vertical lines of three

anchor bolts each.

The first flexural cracks formed at the column/footing interface at a load
of 15 kips. As the load was increased to 20 kips, several new flexural cracks
developed over the middle one-third of the column, above the steel jacket.
During increased loading to 30 kips, the flexural cracks extended deeper into the
column cross section. Also, new flexural cracks developed at the same 30 kip
load. Increased loading to 50 kips caused yielding of the longitudinal bars. The
flexural cracks, in the center one-third of the column, extended diagonally
during the 50 kip cycles. As the load was increased to 60 kips the column
showed some inelastic deformations. Figure 4.23(b) shows the hysteretic

response of column FC11.

Large inelastic deformations were observed at loads above 60 kips. A
63 kip lateral load was reached at a 2.5% drift ratio. At this drift ratio, the
strains in the steel jacket close to the bottom of the splice were about 500 micro
-strains, which were almost 30% of the actual yield strain of the steel jacket.
Lateral loading beyond 2.5% drift ratio was associated with significant loss of
strength and stiffness. Figure 4.24(a) shows column FC11 during the test. After
the completion of the test , the steel jacket was removed and the non-shrink
grout was investigated. It was revealed that the grout was severely cracked,
particularly near the spliced bars. Figure 4.24(b) shows column FC11 after the
removal of the steel jacket. The figure shows several cracks at the bar splice

locations. The cracks formed over the full height of the lap splice.

The response of column FC11 indicated that using additional bolts within
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the splice region increased the lateral strength of the column, but did not ensure
large ductility, which may be needed for some older buildings during major
earthquakes. Compared to the basic unretrofitted column FC4, column FC11
showed higher strength and energy dissipation. However, column FC11 did not
exhibit high ductility. The overall performance of column FC11 is considered
acceptable, although the use of a longer steel jacket might have improved the
ductility, as for column FC9.

4.13 FLEXURAL COLUMN FC12 ( PRE-EQ-S)

Column FCI2 is a strengthened type "A" flexural column. It was
strengthened with a long steel jacket and anchor bolts. The height of the steel
jacket was 34.5 inches, the same as the height of column FC9’s steel jacket. The
east side of the steel jacket was stiffened with two vertical lines of three anchor
bolts each. The west side was stiffened with two vertical lines of two anchor
bolts each. Figure 4.26 shows the east and the west elevations of column FC12.
In plan, the anchor bolts were arranged in such a way that they divided the

column width into three 12 inch segments, as shown in Figure 4.25(a).

The first flexural cracks formed at the column/footing interface at a load
of 15 kips. As the load was increased to 20 kips, flexural cracks developed just
above the steel jacket. Several new flexural cracks formed on the column above
the steel jacket during the 30 kip cycles. Increased loading to 50 kips caused the
yielding of the main longitudinal bars. The first vertical splitting crack at the
splice was observed during the 60 kip cycles. Also at the same load, the column
showed large inelastic deformations. Figure 4.27 shows column FC12 during the

test. Starting from the 2.0% drift ratio, the displacement was increased in 0.5%
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drift ratio increments.

As the column was loaded to 2.5% drift ratio the concrete in the
compression zones showed some sign of distress and minor crushing of the outer
fibers below the steel jacket. At the same 2.5% drift ratio the cross ties yielded.
Up to 4.0% drift ratio both the east and the west sides of column FC12 showed
similar responses. However, the east side with six anchor bolts showed higher
strength in the push direction than the west side with four anchor bolts in the

pull direction. The difference, however, was not significant.

Figure 4.25(b) shows the hysteretic response of column FC12. After the
completion of the two 4.0% drift ratio cycles, the column was loaded two
complete cycles to the maximum stroke of the actuator. In the push direction
the column was loaded up to only 4.0% drift ratio. Just minor stiffness
degradation was observed in that direction. In the pull direction the column was
loaded up to 5.5% drift ratio. Strength and stiffness degradation was observed
beyond 4.5% drift ratio in the pull direction. Also, at 4.5% drift ratio the strains
in the steel jacket were about 750 micro strain, approximately 60% of the
theoretical yield strain. Compared to the basic unretrofitted column FC4,
column FC12 exhibited 50% higher strength and very large displacement
ductility. The hysteretic response of column FC12 showed very stable hysteretic
loops and high energy dissipation.

Investigation of the concrete surface after the removal of the steel jacket
revealed that concrete flexural cracks were very evident at the bottom of the
column. Also, it was observed that the north side showed very narrow and short

vertical cracks. However, the south side showed a narrower and shorter crack.
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It is important to notice here that the peripheral tie was continuous at the south
end, while it was ended with two 90 degree hooks at the north end. Figure 4.28
shows the crack pattern on the concrete surface at the north and south ends.

These cracks did not have a major influence on the performance of the column.

Test results of this column indicate that a rectangular steel jacket with
anchor bolts can considerably improve the seismic performance of wide
rectangular columns with an inadequate lap splice. Also, it suggests that
anchoring the steel jacket at its upper and lower ends to the concrete column
by anchor bolts ensures some sort of composite action between the steel jacket
and the concrete column. This sort of composite action improves the
confinement of the splice by the steel jacket. However, the height of the steel
jacket should be at least 1.5 times the length of the lap splice. This would allow
the installation of the upper anchor bolts at least 6.0 inches above the top of the
splice where major flexural cracks might form. Although the west side was
provided with four anchor bolts, it was unlike column FC9 ( with five anchor

bolts ), the stiffness degradation of column FC12 was at a very low rate.

4.14 FLEXURAL COLUMN FC13 ( POST-EQ-R)

Column FC13 is a repaired type "A" flexural column. After the
completion of the column FCI12 test, the steel jacket was dismantled and the
concrete cover was removed. The repair of this column was performed
differently from the repair of columns FC6 and FC10. Although the concrete
core was intact, the concrete was chipped off to at least one inch behind the
splice starter bars. Chipping the concrete one inch behind the splice bar offers

the advantage of embedding both spliced bars into new concrete, in this case



113

new non-shrink grout. Also, it offers the advantage of moving the cold
construction joint between the concrete and the non-shrink grout away from the
potential splitting crack plane, at the center of the splice. Figure 4.30 shows the

splice region of column FC13. Notice that the concrete core is severely cracked.

Since the concrete core was already cracked and all the spliced bars
were exposed, through bolts were used instead of anchor bolts. Figure 4.29(a)
shows the details of column FC13. The threaded bolts allow external
confinement of the splice. Anchoring the bolts does not depend on the condition

of the damaged concrete core, as it does with the adhesive anchors.

Since the column FC12 was loaded to very large displacements, the
concrete column was severely cracked. During the column FC13 test, all the old
existing flexural cracks above the steel jacket opened up at a load of 10 kips.
Increased loading to 30 kips caused the formation of vertical splitting cracks at
the corner bars on the east and the west sides. These cracks were observed
below the steel jacket. The cracks did not open as the load was increased. The
longitudinal corner bars yielded during the cycle to 45 kips. As the load was
increased to 55 kips, new flexural cracks formed immediately above the steel

jacket. Column FC13 showed elastic response up to 60 kip load.

Figure 4.29(b) shows the hysteretic response of column FC13. Column
FC13 showed poor initial stiffness due to the presence of the old flexural cracks
in the upper 2/3 of the column. These cracks were left unrepaired, and opened
up at an early stage of loading. In the pull direction the column was loaded up
to 4.0% drift ratio. In the push direction the column was loaded up to 5.0% drift

ratio. A major shear crack developed in the middle one-third of the column
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during the push to 5.0% drift ratio. This shear crack did not open, since column
FC13 was not loaded beyond 5.0% drift ratio. The overall performance of
column FC13 was excellent. The maximum lateral capacity was maintained up
to 5.0% drift ratio. At large displacements stiffness degradation was observed

at a very low rate. Figure 4.31 shows column FC13 before and after being

repaired.

Strain gages were attached to the threaded rods before they were
installed to monitor the initial forces in the rods. The initial forces in the

threaded rods were as follows:-

1. The upper rods F = 4.20 kips/rod
2, The middle rods F = 5.57 kips/rod
3. The bottom rods F = 5.27 kips/rod.

The threaded rods showed different force increase for different levels.
The upper rods showed the smallest force increase during the test. However, the
bottom rods showed the highest force increase. This is presented in detail in
chapter 6. It is important to mention here that most of the strain readings
measured on the steel jacket near the bottom of the spliced bars showed
maximum strains of about 750 micro strain, equivalent to 60 % of the

theoretical yield strain.

Column FC12 test suggested that using anchor bolts just at the top and
the bottom of the steel jacket would be adequate to ensure good confinement
by the steel jacket in confining the lap splice. So, after the completion of the

column FCI13 test, the middle threaded rods were removed and the test was
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resumed. The column was designated FC13A. Figure 4.32(a) shows the details
of column FCI3A. Since the column FC13 had already been tested to the full
stroke of the actuator, column FC13A was loaded 10 full cycles to the maximum
stroke of the actuator.

Figure 4.32(b) shows the hysteretic response of column FC13A. In the
pull direction, the column was loaded up to 4.0% drift ratio. On this side the
column showed very small strength and stiffness degradation. In the push
direction, the column was loaded up to 5.0% drift ratio. On this side the column
showed some strength and stiffness degradation, due to the presence of the
major shear crack in that direction inherited from the previous test. However,
the drop in strength and stiffness was at a low rate. Test results of this column
suggests that through bolts provided at the top and the bottom of the steel
jacket are adequate for post-earthquake repair of columns with inadequate lap
splice using rectangular steel jackets.

4.15 FLEXURAL COLUMN FC14 ( BASIC-UR- 27"x18")

The previous flexural columns FC1 through FC13 had cross sections of
36"x18". Two major variables studied the height of the steel jacket and the
required number of adhesive anchor bolts for retrofit of 36 inch wide columns.
In the remaining four flexural columns, 27 inch and 18 inch wide columns were
examined. The height of the steel jacket was kept 1.5 times the length of the
splice. For the strengthened columns, the east side of the steel jacket was
provided with one vertical line of two anchor bolts and the west side was left

without anchor bolts.
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The flexural column FC14 is a basic unretrofitted 27"x18" type "C"
flexural column. Figure 4.33(a) shows the details of column FC14. During the
test, the first flexural cracks formed at the column/footing interface, at a load
of 10 kips. As the load was increased to 15 kips, two flexural cracks formed
above the splice. Several new flexural cracks formed over the bottom 2/3 of the
column height, including the splice region. Figure 4.34(a) shows the south side
of column FC14 during the push cycle to 20 kips. The first vertical splitting
cracks were observed during the cycles to 25 kips. These cracks were short and
narrow. At the same load several flexural cracks extended deeper into the
column cross section. During the two 30 kip cycles, the vertical splitting cracks
extended upward, but did not cause any loss in strength nor in stiffness. Also,
the cross ties yielded at the same 30 kip load. While the load was being
increased to 35 kips, the splice failed as the load reached just 30 kips. Figure
4.34(b) shows the splice region at failure. The splice failure was very dramatic,
and occurred before the development of flexural yielding. It was associated with
very rapid loss in strength and stiffness. Figure 4.33(b) shows the hysteretic
response of column FC14. Column FC14 exhibited non-ductile response and

very low energy dissipation.
4.16 FLEXURAL COLUMN FC15 ( BASIC-UR- 18"x18")

Column FC1S5 is a basic unretrofitted 18"x18" type "D" square flexural
column. It was transversely reinforced with a #3 periphery tie at every 16 inches

and no cross ties. Figure 4.35(a) shows the details of column FC15.

The first flexural cracks formed at the column/footing interface, at a load

of 10 kips. During the same 10 kip cycle two pairs of flexural cracks formed at
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the mid-height of the splice and above the top of the splice. As the load was

increased to 15 kips, flexural cracks extended deeper into the column cross
section. Vertical splitting cracks formed at the bottom of the splice during the
same cycles to 15 kips. Also, several new flexural cracks formed in the middle
third of the column height. The vertical splitting cracks extended upward to
almost the mid-height of the splice, but did not affect the response of the
column. Figure 4.36(a) shows column FC15 during the cycle to 20 kips.

Increased loading to 25 kips caused dramatic splice failure. Vertical
splitting cracks formed over the full height of the splice. Figure 4.37 shows the
north and south elevations of column FC15 at the splice region. The splice
failure occurred at 1.25% drift ratio. At higher displacements the column
showed considerable loss of strength and stiffness. Figure 4.35(b) shows the
hysteretic response of column FC15. None of the longitudinal bars yielded
during the test. The splice failure occurred before the development of the yield
capacity of the column. Column FC15 exhibited non-ductile response and very

low energy dissipation.

4.17 FLEXURAL COLUMN FC16 ( PRE-EQ-S)

Column FC16 is a strengthened type "C" flexural column. It was
retrofitted by the use of a steel jacket and anchor bolts. On the east side, the
steel jacket was stiffened by one vertical line of two anchor bolts. However, the
west side was left without anchor bolts. Figure 4.38(a) shows the details of
column FC16.

The first two flexural cracks formed at the column/footing interface
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during the cycle to 10 kips. Also, two other flexural cracks formed above the
steel jacket at a load of 10 kips. During the cycles to 15 kips and 20 kips several
new flexural cracks developed in the middle third of the column height. These
cracks extended deeper into the column cross section during the cycles to 25
kips and 30 kips. Figure 4.39(a) shows column FC16 during the 25 kip cycle.
The first two vertical splitting cracks at the splice were observed just below the
steel jacket at a load of 30 kips. The longitudinal bars yielded as the load was
increased to 35 kips. During the push loadings, where the steel jacket was
provided with anchor bolts on the east tension side, the column developed the
yield capacity and maintained the maximum load up to 2.8% drift ratio. At 3.3%
drift ratio strength and stiffness degradation were observed on that side. It is
important to mention here that the strains in the steel jacket near the bottom
of the splice were about 650 micro-strains. Strength and stiffness degradation on

the east side were very gradual.

Figure 4.38(b) shows the hysteretic response of column FC16. During the
pull loadings, where the steel jacket was not provided with anchor bolts on the
west tension side, the column developed the yield capacity and maintained the
maximum load up to 1.9% drift ratio. At 2.45% drift ratio the column showed
loss in strength and stiffness. Also, at the same load, the measured strains on the
steel jacket near the bottom of the splice were about 650 micro-strains. At 3.0%
drift ratio, separation between the concrete column and the steel jacket was
observed. This separation was observed at the top of the steel jacket, on the
west side. However, no separation was observed on the east side, where the
steel jacket was provided with two adhesive anchor bolts. The steel jacket on the
east side maintained compatible deformations with the concrete column which

apparently resulted in more effective confinement of the lap splice by the steel
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jacket and the anchor bolts. Figure 4.40 shows the top of the steel jacket on the

east and west sides at 3.0% drift ratio.

The concrete uniaxial compressive strength at the day of testing was 2565
psi, which was less than 62% of the concrete strength of the basic unretrofitted
column FCl4. However, column FC16 exhibited much higher ductility and
energy dissipation. Also, it is important to mention here that according to older
codes the required lap splice length in columns is 32 bar diameters for concrete
strength below 3000 psi (see Table 1.1), while the lap splice length in column
FC16 was just 24 bar diameters.

After completion of the FC16 column test, the steel jacket and the non-
shrink grout were removed. Investigation of the concrete surface in the splice
region revealed several cracks along the splice, and general distress of the
concrete column at the bottom of the splice. Figure 4.41 shows the concrete
column at the splice region after the removal of the steel jacket and the non-

shrink grout.

4.18 FLEXURAL COLUMN FC17 (PRE-EQ-S)

Column FC17 is a strengthened type "D" square flexural column. It was
strengthened by the use of a steel jacket and anchor bolts. On the east side, the
steel jacket was retrofitted by one vertical line of two anchor bolts. However,
the west side was left without anchor bolts. Figure 4.42(a) shows the details of
column FC17. Unlike all other strengthened columns, column FC17 was
provided with four additional 3"x3"x1/4" steel angles at the jacket corners. These

angles were welded to the steel jacket after the casting and setting of the non-
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shrink grout. Figure 4.43(b) shows views of the corner detail of the steel jacket.

The first two flexural cracks on column FC17 formed at a load of 10 kips.
As the load was increased to 15 kips several new flexural cracks formed over the
middle third of the column height and right above the steel jacket. Increased
loading to 20 kips caused the formation of vertical splitting cracks at the bottom
of the splice. These cracks were observed just below the steel jacket. Most of
the flexural cracks extended deeper into the column cross section as the load
was increased to 30 kips. Some of these cracks extended diagonally forming
flexure shear cracks. After the completion of the two 30 kip cycles, the column
showed large inelastic deformations associated with yielding of the main

longitudinal bars.

Column FC17 showed minor stiffness degradation with increasing loads.
However, it did not show any major strength degradation. At 2.5% drift ratio
the concrete in the compression zones deteriorated at the face of the column,
just below the bottom of the steel jacket. The concrete deterioration might have
caused the 2 to 3 kip drop in strength with increased loading above 2.5% drift
ratio. Figure 4.42(b) shows the hysteretic response of column FC17. The
response of column FC17 showed wide hysteretic loops, which were not
exhibited by any other retrofitted column. Welding of the four extra corner
angles to the steel jacket after the setting of the non-shrink grout may have
caused some residual tensile stresses in the steel jacket. These residual tensile

stresses developed active confinement of the lap splice by the steel jacket.

After completion of the column FC17 test, the steel jacket and the non-

shrink grout were removed. The concrete column in the splice region was then
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inspected. Close investigation of the concrete column surface in the splice region
revealed very minor damage at the bottom of the splice. Figure 4.44 shows the
splice region of column FC17 before and after the removal of the steel jacket.
It is important to mention here that the concrete strength at the day of testing
was 2635 psi, which was less than 64% of the concrete strength of the basic
unretrofitted column FC15. However, the performance of column FC17 was by
far better than the performance of the basic unretrofitted column FC15. Column
FC17 exhibited very stable hysteretic response, wide hysteretic loops, large
ductility and high energy dissipation.

4.19 SUMMARY

The performance of seventeen basic unretrofitted and retrofitted flexural
columns with an inadequate lap splice in the longitudinal bars was presented.
The effectiveness of rectangular steel jackets in seismic retrofit of 36", 27" and
18" wide columns was investigated. The response of several of the basic
unretrofitted columns showed very dramatic splice failure. However, for pre-
earthquake strengthening, similar columns retrofitted with 1/4 inch thick
rectangular steel jackets of adequate height and with an adequate number of
anchor bolts showed considerable increase in strength and ductility. Also, for
post-earthquake repair, damaged columns retrofitted with similar rectangular
steel jackets and through bolts showed similar improvements. Chapter 6 presents
detailed discussion and comparison of the experimental data of the flexural

columns.
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Figure 4.6 Repaired Flexural Column FC3
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(b) Crack pattem at the splice, S-E side
Figure 4.41 Strengthened Flexural Column FC16
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CHAPTER 5

EXPERIMENTAL PROGRAM - SHEAR COLUMNS
( With Inadequate Shear Strength )

5.1 INTRODUCTION

This chapter presents the overall performance of the shear columns (with
inadequate shear strength). The response of each shear column during the test
is presented and discussed. The details of the columns are shown without the

footing reinforcement for clarity.

A total of eleven shear columns were tested in this phase. Results of the
column tests are presented in series in the order in which they were tested. For

clarity they are designated as follows :

1. Basic Unretrofitted Column ( BASIC-UR );
2. Pre-Earthquake Strengthened Column ( PRE-EQ-S )

All shear columns were 36"x18"in cross section. Columns SC1 through
SC8 were tested in the weak direction. Columns SC9, SC10 and SC11 were
tested in the strong direction. Shear columns were loaded under reversed cyclic
lateral load. No axial load was applied to any of the columns. The influence of
the axial load is discussed in detail in chapter 7. The main variables studied in

the shear column tests are :-
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Direction of loading: weak/strong;
Different Shear span / depth ratios;
Different types of steel jackets;
Partial steel jackets.

PO

Chapter 7 presents complete discussion and comparison of the shear
columns, along with additional experimental data which include measured
strains on the longitudinal bars and on the steel jackets, as well as measured
rotations. Sections 5.2 through 5.12 present the performance of columns SC1
through SC11 during testing, respectively.

$§.2 SHEAR COLUMN SC1 ( BASIC-UR)

Column SC1 is a basic unretrofitted type "B"shear column. It was loaded
in the weak direction. Column SC1 was transversely reinforced with #3
deformed bars at every 16 inches. A cross tie was provided at every longitudinal
bar. Figure 5.1(a) shows the details of column SC1. The shear span to depth
ratio is 2.67. The target and actual concrete compressive strength were 3000 psi
and 5040 psi.

During the test the first two flexural cracks formed at a load of 40 kips.
They were located at eleven inches above the top of the footing. As the load
was increased to 50 kips, several new flexural cracks developed over the bottom

2/3 of the column height. Flexural cracks extended diagonally during the cycles

to 80 kips ( which corresponds to 2 V& bd). During the 120 kip (3 V& bd)

cycles the main longitudinal and the transverse reinforcement yielded. At the

120 kip load, major shear cracks formed over the full height of the column.
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Inelastic deformations were first observed at a load of 130 kips(3.25 V& bd).

After the two cycles to 130 kips, the displacement was increased in 0.5% drift
ratio increments. At 2.25% drift ratio, the major diagonal cracks opened widely.
At displacements larger than 2.25% drift ratio, the column showed considerable
strength and stiffness degradation. During the second cycle to 2.25% drift ratio,
the column showed more than 35% loss in strength. Figure 5.1(b) shows the
hysteretic response of column SC1. The performance of column SC1 was
satisfactory. It maintained its peak load to 2.2% drift ratio. Concrete
compressive strength higher than the target compressive strength is attributed
to the development of the flexural capacity before the development of the shear
capacity. Figure 5.2 shows column SC1 before the test.

Section 5.4 presents the details and response of a similar shear column
(Column SC3), but transversely reinforced with a cross tie at every other bar
and much lower concrete compressive strength. Column SC3 serves as the basic
reference column for the strengthened type "A"shear columns loaded in the
weak direction. Column SC1 serves as a basic unretrofitted column for the
strengthened column SC2.

5.3 SHEAR COLUMN SC2 ( PRE-EQ-S)

Column SC2 isa strengthened type "B"shear column. It was strengthened
by the use of two steel collars. Figure 5.3(a) shows the details of column SC2.
The steel collars were installed at mid-distance between the layers of the

transverse reinforcement.
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The first flexural cracks were observed at the column/footing interface,
at a load of 30 kips. As the load was increased to 40 kips, four flexural cracks
formed above and below the bottom collar. Also, cracks were observed between
the concrete column and the non-shrink grout at a load of 40 kips. Several new
flexural cracks developed during the cycles to 70 kips. Flexural cracks extended

diagonally as the load was increased to 80 kips(2 V& bd), reflecting the

influence of shear. As the load was increased to 100 kips(2.5 V& bd), major

diagonal cracks formed between the collars. These diagonal cracks caused

severe damage in the bottom 16 inches of the column. Increased loading to 130

kips (3.25 V& bd) caused the formation of major diagonal cracks crossing the

collars. The cracks above and below the collars were lined up, which indicated

that the cracks formed even behind the collars. The first yielding of the

longitudinal bars was observed during the cycle to 120 kips(3 V& bd).

However, the yielding of the transverse reinforcement was observed at a load
of 130 kips. During the 130 kip cycles the column showed some inelastic
deformations. Increased loading to 2.5% drift ratio caused major distress of the
compression zones at the base of the column and permanent bending
deformations on the long side of the steel collars. Also at 2.5% drift ratio, major

diagonal cracks extended over the full height of the column.

Figure 5.3(b) shows the hysteretic response of column SC2. After the
3.25% drift ratio cycles, the column showed considerable strength and stiffness
degradation, as well as major physical degradation over the bottom 16 inches of

the column. Figure 5.4 shows column SC2 after the test. The performance of
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column SC2 was better than that of column SCI1. It showed a more stable
hysteretic response and larger energy dissipation, but it cannot be considered a

significant improvement over the response of column SCI.
5.4 SHEAR COLUMN SC3 ( BASIC-UR)

Column SC3 is a basic unretrofitted type "A" shear column. It was
transversely reinforced with a cross tie at every other longitudinal bar. Figure
5.5(a) shows the details of column SC3. The concrete strength of column SC3,
at the day of testing, was 3170 psi.

The first flexural cracks formed at the column/footing interface, at a load
of 20 kips. As the load was increased to 30 kips, flexural cracks formed on the

column. Increased loading to 40 kips (1.25 & bd) caused the development of

several flexural cracks over the bottom half of the column. The column showed

almost pure flexural cracks up to a load of 60 kips (1.9 Vft bd). During the

cycle to 70 kips (2.2 VQ bd), most of the flexural cracks extended diagonally,

reflecting the influence of shear. Figure 5.6 shows the crack pattern at 60 and
70 kips lateral loads.

Increased loading to 80 kips (2.53 V& bd) caused the development of

major diagonal shear cracks over 70% of the column height. During the 90 kip

2.8 V& bd) cycle the major diagonal shear cracks extended over the full height

of the column. The major cracks penetrated the concrete compression zones at
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the base of the column, reducing the depth of the compression zone to the
thickness of the concrete cover. Also, the cross ties yielded as the load was
increased to 90 kips. Figure 5.7 shows the crack pattern at 80 and 90 kips lateral
loads.

During the cycles to loads above 90 kips the column showed large
inelastic deformations. Column SC3 showed dramatic loss in strength and
stiffness at displacements larger than 2.0% drift ratio. Also at the same load, the
major diagonal cracks opened very widely. This was accompanied by physical
degradation of the concrete compression zones. Afterwards, the column lost its
lateral strength due to major diagonal shear failure mechanism followed by
concrete compression shear failure. Figure 5.8 shows the crack pattern at 2.0%
and 2.5% drift ratios. Column SC3 did not develop its flexural capacity, and the
strains in the longitudinal bars did not exceed 3/4 the yielding strains. Figure
5.5(b) shows the hysteretic response of column SC3. Column SC3 showed some
ductility, but it was not flexural ductility that is usually seen after the
development of the flexural yielding strength. The ductility exhibited by column
SC3 was due to the yielding of the transverse reinforcement crossing the major
diagonal crack. Column SC3 serves as a basic unretrofitted reference shear

column for all retrofitted type "A"shear columns loaded in the weak direction.
5.5 SHEAR COLUMN SC4 ( BASIC-UR)
Column SC4 is a basic unretrofitted type "“B" shear column. It was

transversely reinforced with a cross tie at every longitudinal bar. Figure 5.9(a)
shows the details of column SC4.
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The first flexural cracks were observed at the column/footing interface,

at a load of 20 kips. As the load was increased to 40 kips, several new flexural
cracks developed on the column. All cracks were flexural cracks until the end

of the 60 kip (1.9 ‘/Q_bd) cycles. During the cycles to 70 kips (2.2 V& bd),

flexural cracks extended diagonally, reflecting the influence of shear. At a load

of 80 kips (2.53 V& bd), the flexural shear cracks extended deeper into the

concrete cross section, reducing the depth of the concrete compression zones.

Figure 5.10 shows the crack pattern during the 70 and 80 kip cycles.

Increased loading to 90 kips (2.8 V& bd) caused the development of

major shear cracks over the middle 60 % of the column height. These cracks

crossed the middle layer of the transverse reinforcement, but did not cause the

yielding of the ties until the load was increased to 110 kips (3.47 V& bd).

Afterwards, the major diagonal cracks extended over the full height of the
column. The longitudinal reinforcement yielded during the cycles to 120 kips

3.8 V& bd). During_the cycle to 130 kips (4.1 V& bd) the column showed

large inelastic deformations. A maximum load of only 124 kips was reached at
1.75% drift ratio. Figure 5.11 shows the crack pattern during the 90 kips and
2.0% drift ratio cycles. At displacements higher than 2.0% drift ratio, the
column showed considerable loss in strength and stiffness. Figure 5.9(b) shows

the hysteretic response of column SC4.

Compared to the shear column SC3, column SC4 showed higher lateral

strength and a lower rate of stiffness degradation. This is attributed to a higher
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amount of transverse reinforcement in column SC4. Thus, column SC3 was
used as a basic unretrofitted reference shear column for all the remaining

strengthened shear columns loaded in the weak direction.
5.6 SHEAR COLUMN SC5 (PRE-EQ-S)

Column SC5 is a strengthened type "A" shear column. It was
strengthened with three steel collars. The collars were spaced at 13.0 inches
along the height of the column. The first bottom collar was located at 7.0inches
from the top of the footing. Figure 5.12(a) shows the details of column SCS.
This system offers the advantage of eliminating field welding.

The first two flexural cracks formed at the column/footing interface, at

a load of 30 kips. As the load was increased to 50 kips (1.9 V& bd), four

flexural cracks developed between the collars. These flexural cracks extended
diagonally during the cycles to 70 kips (2.63 ‘/—ft—bd). Figure 5.13 shows column
SCS during the 80 kip (3 ‘/ft__bd) cycles. Increased loading to 90 kips (3.38
\/g—bd) caused the formation of major diagonal cracks between the collars.

These cracks extended over the full height of the column during the 100 kip

(3.76 RS bd) cycles. The inelastic deformations were observed during the 110
kip cycles. Figure 5.14 shows the crack pattern at the 100 kip and 110 kip (4.13

\/E—bd) cycles.
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A maximum observed strength of 120 kips (4.5 V& bd) was reached as

the column approached 2.0% drift ratio. Figure 5.12(b) shows the hysteretic
response of column SCS5. Afterwards, column SC5 showed loss of strength and
stiffness with increasing displacements. Physical degradation was evident at
displacements above 3.0% drift ratio. Also, the steel collar at 7 inches elevation
showed inelastic deformation beyond 3.0% drift ratio. Although the column
developed its flexural yielding capacity, it did not show high ductility. In general,
the performance of column SC5 was not considered satisfactory, Although its

performance was significantly improved compared to the reference column SC3.

It is believed that the performance of column SC5 might have been
improved by providing the steel collars with intermediate bolts, passing through
the column. The use of such bolts, however, adds to the cost of the jacketing
system. Consequently, a bolted solid steel jacket was examined instead, as

presented in section 5.8.
5.7 SHEAR COLUMN SC6 (PRE-EQ-S)

Column SC6 is a strengthened type "A" shear column.. It was
strengthened with a welded solid steel jacket, made of 1/4 inch thick steel
plates. Figure 5.15(a) shows the details of column SC6. The steel jacket was
terminated one inch above the top of the footing to prevent any possible bearing
against the footing. Such bearing might develop higher shear forces on the
column associated with the development of higher flexural capacity and may
damage the jacket. The details of fabrication and assembly of the steel jacket

was presented in sections 3.2.3.1and 3.2.4.11t is important to mention here that
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the concrete compressive strength of column SC6 is just 2/3 of that of the basic
unretrofitted shear column SC3. The south side of the steel jacket was painted
with whitewash to detect any possible localized yielding of the steel jacket.
Figure 5.16(a) shows column SC6 under the test setup.

The first two flexural cracks formed at the column/footing interface, at

a load of 20 kips. The initial response of the column was essentially elastic up

to the 140 kip (5.24 V% bd) cycles. However, the first observed crack above the
steel jacket was at a load of 130 kips. Figure 5.15(b) shows the hysteretic

response of column SC6. In the push direction, the column maintained the
maximum strength up to 5.0% drift ratio. In the pull direction, however, the
strength dropped down during the cycles beyond 4.0% drift ratio, apparently due
to bond-shear failure at the top of the column. Although the column transverse
reinforcement at the top of the column was symmetrical, bond-shear failure
occurred on the west side only. The cross ties at the top of the column were
slightly larger than required, they touched the longitudinal bars on the east side,
but did not quite touch the longitudinal bars on the west side. Figure 5.17 shows
the details of the transverse reinforcement at the top 17 inches of the column.
Additional #3 grade 40 steel pins were added to all the remaining columns, SC7

through SC11, to avoid any possible bond-shear failure at the top of the column.

The comner longitudinal bars yielded during the cycle to 90 kips(3.37

V% bd). However, the intermediate longitudinal bars yielded during the cycle

to 130 kips. It appears that the corner bars are well confined by the corners of

the steel jacket, they yielded at an earlier stage. The maximum measured strain
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on the steel jacket was just below 300 micro-strains, approximately 1/6 of the
actual yielding strain of the steel jacket.

The non-shrink grout remained in good condition during the test. The

first crack between the grout and the concrete column was observed at the top

of the steel jacket at a load of 60 kips (2.25 V& bd). After the completion of

the test the steel jacket was removed and the concrete column was inspected.

Investigation of the concrete column revealed the following:-

1. Major bond failure between the main longitudinal bars and the
surrounding concrete over the bottom 2/3 of the column height.

2. Severe deterioration of the concrete compression zones. However,
these zones maintained integrity since they were well confined
between the column concrete core on one side and the grout and
the steel jacket on the other side. Figure 5.16(b) shows a closeup
of the concrete compression zone on the west side.

3. Steep diagonal shear cracks were observed on the north and south
sides. These cracks were narrow, and did not open up because
they were restrained by the steel jacket, during the test and the
column was unloaded after the test. Figure 5.18 shows the crack

pattern on the north and south sides of column SC6.

The overall response of column SC6 was excellent. The response showed
stable hysteretic loops with much larger energy dissipation and displacement
ductility than the basic column SC3. Although its concrete strength was just 2/3
of that of the basic column SC3, it showed almost twice the laterai strength and
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was able to maintain it to large displacements.

The results of column SC6 indicate that a rectangular solid steel jacket
was a very effective passive retrofitting system. It considerably improved the
strength and ductility of columns with inadequate shear strength. However, the
concrete column must deform and perhaps develop cracking in order the steel

jacket to provide confinement.

5.8 SHEAR COLUMN SC7 (PRE-EQ-S)

As presented in sections 3.2.3.1and 3.2.4.1,the welded steel jacket was
fabricated in two L-shaped panels in plan. After being assembled around the
column, the two opposite free ends were welded together. However, welding
might not be permitted at some existing facilities. The next section presents
shear strengthening by the use of a bolted steel jacket, where the two opposite
free ends of the L-panels are bolted instead of being welded.

Column SC7 is a strengthened type "A"shear column. It was retrofitted
with a bolted steel jacket. Section 3.2.4.1presents the details of the bolted steel
jacket. The steel jacket was fabricated and assembled in a similar way as the
welded steel jacket, but the opposite free ends of the two L-panels were bolted
after they were assembled around the concrete column. Figure 5.19(a) shows the
details of column SC7.

The first flexural cracks were observed at the column/footing interface,

at a load of 40 kips. The column performance was essentially elastic up to a
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load of 120 kips (3.93 V% bd). During the cycle to 100 kips (3.28 Y5 bd), the

corner longitudinal bars yielded. The intermediate bars yielded during the cycle

to 130 kips (4.26 V& bd). Inelastic deformations were first observed at a load

of 130 kips. Beyond .the 130 kips cycles, the column showed minor stiffness
degradation, but loss of strength. Figure 5.20 shows column SC7 before and
during the test. The first crack above the steel jacket was observed during the
cycle to 3.0% drift ratio. The crack was steep, which indicated the influence of
shear. It is believed that the crack was an extension of a major shear crack
developed earlier behind the steel jacket. The concrete compression zones

showed minor distress during the same cycles to 3.0% drift ratio.

The test was continued up to 6.0% drift ratio. The cross ties showed
strains higher than the actual yielding strain of the #3 bars. This strain level was
reached at 6.0% drift ratio. At the same load, the maximum strain measured on
the steel jacket was 700 micro strains, 40% of the actual yielding strain of the
steel jacket. The grout maintained its integrity during the test. Just two fine
cracks formed in the grout on the north and south sides, during the cycles to 90

kips (2.95 5 bd).

After the completion of the test the steel jacket was dismantled and the
concrete column was inspected. Figure 5.21 shows column SC7 after the test.
Investigation of the concrete column revealed the presence of steep diagonal
shear cracks. These cracks were concentrated between the layers of transverse
reinforcement. No major diagonal shear crack was observed extending over the

full height of the column. The concrete compression zones were severely
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deteriorated. However, the column did not show any sign of strength
deterioration. This is attributed to the confinement of the concrete compression
zones by the column concrete core on one side and the grout and the steel
jacket on the other side. Figure 5.19(b) shows the hysteretic response of column
SC7. Tﬁe performance of column SC7 was excellent. It exhibited very stable

hysteretic loops, with very large displacement ductility and energy dissipation.
5.9 SHEAR COLUMN SC8 ( PRE-EQ-S)

Column SC8 is a strengthened type "A" shear column. It was
strengthened by utilizing a partial steel jacket that confines only 2/3 of the
column cross section. This is intended to represent a situation where a
curtain/partition wall is framing into the outer 1/3 of the column cross section.
The entire steel jacket was fabricated as a single U-shaped panel. Section 3.2.4.3
presents the details of U-shaped partial steel jackets. Figure 5.22(a) shows the
details of column SC8. Five 3/4 inch through bolts were used across the
concrete column at the free end of the steel jacket. Anchor bolts would likely

be ineffective in this case, since they would behave as non-continuous ties.

The first flexural cracks were observed at the column/footing interface,
at a load of 30 kips. During the cycle to 40 kips, the first two flexural cracks
formed on the south unconfined side of the column. They were located at about

10 inches from the bottom of the column. These cracks extended deeper into

the column cross section as the load was increased to 50 kips (1.68 V& bd).

New flexural cracks formed at approximately the mid-height of the column as

the load was increased to 60 kips (2 V& bd). During the cycle to 70 kips (2.36
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V% bd), the flexural cracks extended diagonally forming flexural shear cracks.

Figure 5.23 shows column SC8 during the 80 kips (2.7 V& bd) and 3.5% drift

ratio cycles. These cracks extended diagonally deeper into the concrete section,
reducing the depth of the compression zone, as the load was increased to 80

kips. The diagonal cracks extended over the full height of the column during the

cycles to 90 kips (3 RS bd). At the same load, the corner reinforcement bars

at the north side yielded. However, the intermediate bars yielded at a load of

110 kips (3.7 V& bd). Increased loading to 2.5% drift ratio caused the diagonal

cracks to open very widely. Until this load no cracks were observed on the north

side .

The first crack formed on the confined north side was observed above
the steel jacket during the cycle to 3.0% drift ratio. The crack was a diagonal
shear crack, and it extended from behind the steel jacket towards the top of the
column. Since the steel jacket confined 2/3 of the column section, the north and
south sides showed quite different levels of physical damage. Figure 5.24 shows
the north and the south sides of column SC8 after the test. Due to the lack of
symmetry of the retrofitted column section, the column developed torsional
shear stresses that caused severe physical damage on the south unconfined side
of the column. During the 2.0% drift ratio cycles, the cross ties yielded.
However, the strains measured on the steel jacket were well below yielding, in

the range between 150 and 200 micro strains.

The actual physical degradation occurred at very large displacements,
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which are not usually expected in buildings during earthquakes. Although
column SC8 experienced severe physical damage on the south side, it
maintained its peak lateral load to almost 7.0% drift ratio. Figure 5.22(b) shows
the hysteretic response of column SC8. The response of column SC8 showed
high energy dissipation and large ductility. Figure 5.25 shows column SC8 before
and after the removal of the steel jacket by the end of the test. The influence
of torsion is very evident from the crack pattern on the column. The difference

in the level of damage on the north and the south sides is also evident.
5.10 SHEAR COLUMN SC9 ( BASIC-UR)

Columns SC9, SC10 and SC11 were loaded in the strong direction. The
shear span to depth ratio was 1.33.Column SC9 was a basic unretrofitted type
"C" shear column. Figure 5.26(a) shows the details of column SC9. The

peripheral tie was the only transverse reinforcement resisting shear forces.

The first crack was observed at the column/footing interface, at a load
of 30 kips. As the load was increased to 40 kips, flexural cracks formed on the
column. New flexural cracks developed during the 50 kip and the 60 kip (2

RS bd) cycles. The flexural cracks extended diagonally as the load was
increased to 70 kips (2.4 V& bd). All the flexural-shear cracks extended during

the cycles to 80 kips (2.74 V& bd). Several diagonal shear cracks and flexural

shear cracks formed over the full height of the column during the cycles to 90

kips (3.1 Y% bd) and 100 kips (3.4 V% bd). Figure 5.27 shows column SC9
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during the test. Increased loading to 110 kips (3.77 V& bd) caused the

development of major diagonal cracks over the height of the column. These
diagonal cracks did not have any observable effect on the load displacement

response of the column at that load. As the load was increased to 130 kips (4.45

V& bd), the transverse reinforcement yielded. Also, several diagonal cracks

penetrated the concrete compression zones at the bottom of the column.
Increased loading beyond 130 kips caused concrete compression shear failure

at the bottom of the column.

Figure 5.26(b) shows the hysteretic response of column SC9. Column SC9
showed a very dramatic loss of strength and stiffness during the cycles beyond

130 kips push and 140 kips (4.8 V& bd) pull. The response of column SC9

showed very limited energy dissipation and displacement ductility. Figure 5.28

shows column SC9 before and at the end of the test.
5.11 SHEAR COLUMN SC10 ( PRE-EQ-S)

Column SC10 is a strengthened type "C"shear column. It was retrofitted
with a welded solid steel jacket. Column SC10 was loaded in the strong
direction. Figure 5.29(a) shows the details of column SCI11.

The first two flexural cracks were observed at the column/footing

interface, at a load of 50 kips. Increased loading to 110 kips (3.72 V& bd)

caused the development of major shear cracks behind the steel jacket. Portions



183

of the cracks could be seen on the column just above the top of the steel jacket.

At a load of 100 kips (3.38 V% bd) the main longitudinal bars yielded,

immediately followed by the development of major diagonal shear cracks. New

diagonal shear cracks formed just above the steel jacket at a load of 200 kips

(6.76 V& bd). Inelastic deformations were first observed during the cycles to

260 kips (8.8 V& bd). Figure 5.29(b) shows the hysteretic response of column
SC10.

In the pull direction the column was loaded to 3.0% drift ratio, the
maximum stroke of the actuator in that direction. However, in the push
direction the column was loaded until it developed its flexural capacity at 4.0%
drift ratio. During the last cycle the column was loaded to the maximum stroke
of the actuator in the push and pull directions. The flexural capacity was
developed by fracturing one of the main longitudinal bars on the east side, close
to the column/footing interface. At the peak load the strains in the transverse
reinforcement reached 1500 micro strain, more than 75% of the actual yielding
strain. At the same load the maximum measured strain on the steel jacket was
450 micro strain, 26% of the actual yielding strain of the steel jacket.

Figures 5.30 shows column SC10 during and after the test. After the
completion of the test the steel jacket was removed and the column concrete
surface was inspected. Investigation of the concrete column revealed severe
damage of the concrete compression zones, bond failure between the main bars
and the surrounding concrete over the bottom 2/3 of the column height, and

steep diagonal shear cracks over the full height of the column. The shear cracks
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were narrow since they were restrained by the steel jacket during the test and
the column was unloaded after the test. The overall performance of column
SC10 was excellent. Compared to the basic unretrofitted column SC9, it showed
much higher strength, displacement ductility and energy dissipation.

5.12 SHEAR COLUMN SC11 ( PRE-EQ-S)

Column SC11 is a strengthened type "C" shear column. It was
strengthened by the use of two C-shaped steel panels. Figure 5.31(a) shows the
details of column SC11. The C-panels were attached to the concrete column by
1.0inch diameter adhesive anchor bolts. Section 3.2.4.3discusses the installation
of partial steel jackets.

During the test, the first cracks formed at the column/footing interface,

at a load of 40 kips. During the cycles to 100 kips (3.4 V& bd), diagonal shear

cracks formed just above the top of the steel jacket. These cracks did not affect

the performance of the column at that load. The response of column SC11 was

essentially elastic up to the 150 kip (5.1 V& bd) cycles. Flexural cracks formed

on the east and the west sides of column SC11 at a load of 150 kips. Also, at the
same load, minor deterioration of the concrete surrounding the upper and lower

anchor bolts was observed. Figure 5.31(b) shows the hysteretic response of

column SCI1. Increased loading to 160 kips (5.44 % bd) caused some

inelastic deformations. Sudden anchorage failure at the anchor bolts was

observed as the load was increased to 170 kips (5.78 V& bd). Figure 5.32 shows
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column SC11 at the end of the test. Splitting of the concrete surrounding the
anchor bolts over the height of the column caused outward movement of the
steel jacket. Consequently column SCI1 lost most of its lateral capacity and
stiffness since the steel jacket lost its lateral load carrying capacity after the bolt
anchorage failure. The maximum measured strain on the steel jacket was about
225 micro-strains, during the cycle to 170 kips. At the same load the strains in

the transverse reinforcement were well beyond the actual yielding strain.

Figure 5.33 shows column SC11 at the end of the test. After the test, the
steel jacket was removed. Investigation of the concrete surface revealed the
following:-

1. Vertical splitting cracks formed over the full height of the column

in the vicinity of the anchor bolts.

2. On the east and west sides, the splitting cracks formed in the

plane of the anchor bolts.

3. On the north and the south sides, the splitting cracks formed in

planes passing through the ends of the anchor bolts.

4, Severe diagonal shear cracks formed over the height of the
column.
S. The concrete compression zones were deterioraied.

The performance of column SCI11 indicates that the use of partial steel
jackets with anchor bolts did prevent sudden shear failure nor improve
displacement ductility. It is believed that connecting the ends of the two C-
panels to each other by the use of through bolts might have improved the

performance of column SC11.
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5.13 SUMMARY

The performance of eleven shear columns with inadequate shear strength
was presented. The effectiveness of 1/4 inch thick rectangular steel jackets in
seismic shear strengthening of reinforced concrete columns with inadequate
shear strength was investigated. Retrofitted columns were loaded in the weak
direction or in the strong direction. Partial steel jackets for strengthening
columns with limited accessibility to all sides due to the presence of

curtain/partition walls were also investigated.

The response of the basic unretrofitted columns showed dramatic shear
failure. However, the performance of the columns retrofitted with solid steel
jackets was excellent. They exhibited much higher strength, displacement
ductility and energy dissipation than the unretrofitted columns. Chapter 7
presents detailed discussion and comparison of the experimental data for the

various shear columns.
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Figure 5.16 Strengthened Shear Column SC6
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CHAPTER 6

ADDITIONAL EXPERIMENTAL DATA - FLEXURAL COLUMNS
( With Inadequate Lap Splices )

6.1 INTRODUCTION

This chapter presents comparison and further discussion of the flexural
columns. Selected strain gage data measured on the reinforcing bars and‘on
the steel jackets are also presented. Envelopes of load versus drift ratio,
energy dissipation, column stiffness and column rotation are described. The
effectiveness of steel jackets with anchor bolts and through rods is evaluated.

The influence of different variables is discussed. These variables include:-
- height of the steel jacket,
- number and pattern of adhesive anchor bolts,

- width of column

Further discussion and analysis of the test results are also provided in
Chapter 8.

6.2 ENVELOPES OF THE CYCLIC RESPONSE

In this section the envelopes of the cyclic response of the flexural

220
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columns with inadequate lap splices is presented. The envelopes of the load-

drift curves are plotted in the first quadrant for easier comparison.

Figure 6.1 shows the envelopes of the cyclic response of the flexural
columns FC1 and FC2. Notice that the envelopes of the east and west sides
of column FC2 are plotted on the same side. Figure 6.1 shows that both sides
of column FC2 developed higher strength and stiffness than the basic
unretrofitted column FC1. While column FC1 showed strength degradation
at drift ratios higher than 1.65 %, both sides of column FC2 maintained their
lateral strength to over 4.0 % drift ratio. '

On the east side of column FC2, the steel jacket was stiffened with
one vertical line of five adhesive anchor bolts. The presence of these bolts
provided for a small increase in the lateral strength of column FC2 on the
east side over the west side ( without anchor bolts ). On such 36 inch wide
columns, a 1/4 inch thick steel jacket has poor out-of-plane flexural stiffness.
Adhesive anchor bolts stiffen the steel jacket and help confine the splice.
Columns FC1 and FC2 had relatively high concrete strength. The concrete
compressive strength at the day of testing for columns FC1 and FC2 were
4700 and 4900 psi, respectively.This high concrete strength resulted in a
relatively strong splice. Consequently, the anchor bolts produced only modest
improvements. Improvements in column performance resulting from the
anchor bolts are more dramatic for specimens with lower strength concrete,

as discussed below.

Figure 6.2 shows the envelopes of the cyclic response of columns FC4,
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FC9 and FC12. The main variables in this series are the number and pattern
of the adhesive anchor bolts. Concrete strength for these columns varied
between 2850 and 3265 psi. The basic unretrofitted column FC4 exhibited
low strength and ductility. The splice failure occurred just before the
development of the nominal yielding flexural capacity. However, the
retrofitted columns FC9 and FC12 showed significantly higher strength and
ductility.

The response of columns FC9 and FC12 clearly show the effectiveness
of the use of anchor bolts with the steel jacket for strengthening wide
columns with inadequate lap splices. In a retrofitted column, the corner
spliced bars receive good confinement by the corner of the steel jacket. The
intermediate spliced bars along the width of the column do not get similar
confinement due to the poor out-of-plane flexural stiffness of the steel
jackets. The use of anchor bolts for wide columns ensures the confinement

of the intermediate spliced bars.

The results for column FCI12 reveal that a good distribution of anchor
bolts over the sides of the steel jacket can result in higher strength and better
ductility. On the west side of column FC12, the steel jacket was stiffened with
only four anchor bolts. This side, however, exhibited better performance than
the east side of column FC9 which was stiffened with five anchor bolts. This
is attributed to the better distribution of the adhesive anchor bolts and a
slightly higher concrete strength.

Figure 6.3 illustrates the deformation of the steel jacket with and
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without anchor bolts as observed during the tests. During the tests, it was
observed that the anchor bolts forced the steel jacket to deform with the

concrete column and helped confine the splice region.

Figure 6.4 shows the response envelopes of columns FC4, FC11 and
FC12.The main variables in this series are the height of the steel jacket and
the number of the adhesive anchor bolts. The height of the steel jackets on
columns FC11 and FC12 were equivalent to 1.2 and 1.5 times the splice
length, respectively. On the east side of column FC11, the steel jacket was
stiffened with a total of eight anchor bolts. On the west side of column FC12,
the steel jacket was stiffened with only four adhesive anchor bolts. As can be
seen from Figure 6.4,column FC11 showed slightly higher lateral strength
than FC12. However, column FC12 exhibited much better ductility. The
presence of more anchor bolts improved the confinement of the intermediate
bars and consequently, allowed the development of almost equal strains in
the longitudinal bars in the splice region. However, the presence of more
anchor bolts did not ensure good column ductility. On the other hand,
increasing the height of the steel jacket by approximately 12 inches above the
top of the spliced bars considerably improved the ductility of the column.
Extending the steel jacket above the top of the splice allowed fastening the
top of the steel jacket to the concrete column above the location of a

potential major flexural crack, right above the top of the splice.

Figure 6.5 shows the envelopes of the cyclic response of columns FCl4
and FC16. The main variable in this series was the anchor bolts. Specimens

FC14 and FC16 were each 27 inch wide columns. The concrete strength of
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columns FC14 and FC16 were 4165 and 2565 psi, respectively. Although the
concrete strength of column FC16 was less than 2/3 of that of column FC14,
it showed higher strength and ductility because of the presence of the steel
jacket. The east side of column FC16, which was strengthened with a steel
jacket and anchor bolts, exhibited more stable response than the west side

which was strengthened with only a plain steel jacket.

Figure 6.6 shows the envelopes of the cyclic response of column FC15
and FC17. Specimens FC15 and FC17 were 18 inch wide columns. The steel
jacket of column FC17 was different from all other steel jackets. It was
provided with four additional corner angles. These angles were welded to the
steel jacket after casting and hardening of the non-shrink grout as described
in section 4.18.The concrete strength of column FC15 and FC17 at the day
of testing were 4165 and 2635 psi, respectively. Compared to the response of
the basic unretrofitted column FC15, both sides of column FC17 exhibited
much higher strength and ductility. The west side of column FC17, without
anchor bolts, performed as good as the east side with anchor bolts. For such
18 inch wide columns with an inadequate lap splices, plain steel jackets

appear capable of improving their seismic resistance without anchor bolts.

Figures 6.7 and 6.8 show the envelopes of the cyclic response of the

basic unretrofitted and repaired columns. The repaired columns represent

_post-earthquake repair of columns with an inadequate lap splices. Columns
FC4, FC6, FC10 and FC13 were transversely reinforced with a cross tie at

every other longitudinal bar. Columns FCS and FC7 were transversely

reinforced with a cross tie at every longitudinal bar.
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Adhesive anchor bolts with steel jackets were very effective for pre-
earthquake strengthening of columns with inadequate lap splices. However,
the use of anchor bolts with steel jackets were not as effective for post-
earthquake repair of columns with inadequate lap splices, as seen in Figure
6.7. The severs deterioration of the concrete column’s core considerably
reduces anchorage strength and stiffness of the adhesive anchor bolts.
However, columns repaired by the use of steel jackets with through threaded
rods exhibited very satisfactory performance.

The results of the post-earthquake repaired columns, show that the
initial stiffness of the repaired columns was lower than that of the basic
unretrofitted column FC4. This low initial stiffness is due to the presence of
several cracks outside the splice region over the unjacketed height of the
column. These cracks open up under small loads and contribute to the
observed poor initial stiffness. On the other hand, it is important to notice
here that the basic unretrofitted column FC4 was an initially undamaged

column; it had no cracks prior to testing.

The results of the repaired columns indicate that if it is desirable to
control drift of a damaged structure, it is important to jacket the columns
over their full height, although the columns may have only inadequate lap
splices at their ends. Jacketing the column over its full height will likely

improve stiffness and reduce drifts.
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6.3 LATERALSTIFFNESS OF COLUMNS

Stiffness degradation of reinforced concrete members is attributed to
spalling of concrete cover, bond deterioration between steel bars and
concrete, decrease of the modulus of elasticity of the cracked concrete, and

alternate opening and closing of residual cracks.

In this section, comparison of the lateral stiffnesses of columns with
inadequate lap splices is presented. The lateral stiffness versus the drift ratio
plots are discussed. Most of the retrofitted columns were strengthened with
un-symmetrical steel jackets. Thus, the secant stiffness of the specimens was
evaluated, to minimize the influence of one side of the specimen on the
other. The secant stiffness is the slope of a line from the origin to a point on

the load-deformation plot.

Figure 6.9 through 6.15 show the lateral stiffness of the basic and the
strengthened columns with inadequate lap splices. The variations in actual
concrete strengths and the resulting variations in the actual modulus of
elasticity of concrete was not accounted for in the plots. Concrete strength of
the test columns is presented in Table 3.3.Lateral stiffness plots show sharp
decreases in the column stiffness with increasing drift ratio. Also, these plots
show that the rate of loss in stiffness is lower for columns retrofitted with
steel jackets and anchor bolts than those retrofitted with plain steel jackets

(without anchor bolts).

Although column FCl11 had a shorter steel jacket than column FC12,
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it showed higher stiffness than column FC12 at drift ratios below 3.0 %. This

is likely due to the higher number of anchor bolts used on the column FCl11

steel jacket.

Figure 6.12 shows the lateral stiffness versus drift ratio plots for
columns FC14 and FC16. Due to higher concrete strength, column FCIl4
exhibited higher initial stiffness than column FC16. Column FCl14
experienced a 50 % sudden drop in stiffness after the failure of the splice at
1.2 % drift ratio. While, column FC16 did not experience any sudden drop
in stiffness. The side of FC16 with anchor bolts showed stiffness degradation

at a lower rate than the side without anchor bolts.

Figure 6.13 shows the lateral stiffness versus drift ratio for columns
FC15 and FC17. Although column FC1S had higher concrete strength, the
initial stiffness of column FC15 was lower than the initial stiffness of the east
side of column FC17, probably due to the presence of the adhesive anchor
bolts and the residual tensile stresses in column FC17’s steel jacket. These
residual stresses produced by welding additional angles at the jacket corners
after grouting, likely caused active lateral confinement of the concrete

column in the splice region.

In general, it was observed that, compared with the basic unretrofitted
columns, the retrofitted columns with steel jackets exhibited a lower rate of
stiffness degradation. Further, the use of anchor bolts reduced the rate of

stiffness degradation of the jacketed columns.
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Figures 6.14and 6.15 show the envelopes of the lateral stiffness versus
drift ratio for the basic unretrofitted and the repaired columns with
inadequate lap splices. The plots reveal that the repaired columns had initial
stiffness lower than that of the basic unretrofitted columns. After testing,
column FCI2 was repaired and tested as column FC13. Only the splice
region of column FC12 was repaired. The flexural cracks on the concrete
column outside the splice region were left unrepaired. These cracks opened
up under very small lateral loads and contributed to the observed poor initial
stiffness. Column FC7, repaired by welding the splice, showed similar poor
initial stiffness. Both repaired columns FC13 and FC7 exhibited a much lower
rate of stiffness degradation compared to the basic unretrofitted columns FC4

and FCS5, respectively.
6.4 ENERGY DISSIPATION

In order to survive major earthquakes, structures should be capable
of absorbing and dissipating energy greater than that input to the structure
by the earthquake. In this section the cumulative energy dissipated by the test
columns is presented and discussed. The dissipated energy presented is
considered approximate because frictional losses in the test system are
ignored. The energy dissipated during the tests was computed as the area
within the hysteretic loops from the lateral load-displacement. Energy values
were computed for each half of a test column, since different retrofits were
used on opposite sides of many of the columns. The reported energy values
can therefore be interpreted as half of the total energy dissipation capacity

of a column, if the same retrofit were used on both sides.
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Figures 6.16through 6.22show the envelopes of the cumulative energy
dissipated by the basic unretrofitted, strengthened and repaired flexural
columns with inadequate lap splices. The cumulative energy dissipation plots
reveal that columns retrofitted with steel jackets are capable of dissipating

large amounts of energy as compared to the basic unretrofitted columns.

Columns strengthened with steel jackets and anchor bolts showed
higher energy dissipation than columns strengthened with plain steel jackets,
as shown in Figures 6.16 through 6.20. However, the increase in the energy
dissipation due to the use of anchor bolts becomes insignificant when the
concrete strength of the column is high (Column FC2) and/or the steel jacket
has high tensile residual stresses in the transverse direction (Column FC17).
It is also observed that columns strengthened with longer steel jackets and
fewer anchor bolts dissipated more energy than columns that were
strengthened with shorter steel jackets and a larger number of anchor bolts.
Compared with the strengthened columns, the repaired columns exhibited

lower energy dissipation, as shown in Figures 6.17,6.21 and 6.22.

The total energy dissipated by each test column was computed for
either push or pull direction of loading separately, and is shown in Figures
6.23 through 6.25.The maximum drift ratio to which the column was loaded
is shown in parentheses on the plots. Observations from these plots are

similar to those discussed above.
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6.5 STRAIN GAGEDATA

In this section, selected strain gage data, helpful in understanding the
behavior of the unretrofitted and the retrofitted columns is presented. Strain
gages were installed on selected longitudinal reinforcing bars, transverse
reinforcement, through rods and steel jackets. The properties of the steel
reinforcement and the steel jacket plates are presented in Table 3.5. The
strain gage data is presented as the lateral load applied on the specimen

versus the strain in the steel bars/jackets.

A large number of strain gages were used. However, only selected
results are presented which represent typical strain gage data and which are

most useful in understanding the behavior of the test specimens.

6.5.1 Strains in the Longitudinal Reinforcing Bars

Figures 6.27 through 6.31 show plots of the strain gage data measured
on the main longitudinal reinforcing bars for the basic unretrofitted column
FC4, the strengthened columns FC9, FC11 and FC12, and the repaired
column FC13. Figure 6.26 shows the locations of the strain gages. For the
basic unretrofitted column FC4, the maximum strain at the peak load was
just below the actual yielding strain of the reinforcing bars. The peak load
was limited by the inadequate lap splice, which failed before the development
of the yielding flexural capacity of the column. For the strengthened and
repaired columns, the maximum strain measured on the longitudinal bars was

well above the yielding strain of the bars. As revealed by the plots in Figures
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6.28 and 6.31, all the retrofitted columns developed the yielding flexural

capacity of the column section, but at different drift ratios.
6.5.2 Strains in the Transverse Reinforcement

The strains in the transverse reinforcement were measured at the mid-
length of the cross-ties at/or near the spliced bar location. The spacing
between the layers of the transverse reinforcement was 16 inches. The first
two layers were at 4 inches and 20 inches from the face of the footing. For
the basic unretrofitted column FC4, the strains in the cross ties were
measured at the first two layers. The transverse reinforcement was #3 grade
40 deformed bars. However, the actual yield strength was 58 ksi.

Figure 6.32 shows the locations of reported strain gages. For column
FC4, strain gages SG6 and SG7 were installed on the mid-length of the cross
ties located at 4 inches and 20 inches from the bottom of the splice. Figure
6.33 and 6.34 show the recorded strains by strain gages SG6 and SG7,
respectively. The plots revealed that the strains in the strain gage SG6 are
almost twice those of strain gage SG7. This is due to the arrangement of the
spliced bars. The column main longitudinal bars were the outside spliced
bars. They were terminated at the bottom of the column. If the splice were
to form a mechanism, the column bars near the bottom of the splice would
tend to move outward more than near the top of the splice. This helps
explain the observed high strains in the strain gage SG6 relative to SG7.

Column FC9 was strengthened by the use of a long rectangular steel
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jacket. The steel jacket on the east side of column FC9 was provided with
one vertical line of five anchor bolts located at the mid-width of the column.
Strain gage SG8 was installed at the mid-length of a cross tie located at 4
inches from the bottom of the splice. Figure 6.35 shows the measured strains
of the strain gage SG8. The plot reveals that the cross tie exhibited higher
strains when the splice without anchor bolts is in tension. This indicates that
the presence of anchor bolts reduces the required confinement by the
transverse reinforcement to develop the yielding flexural capacity of the

column,

Column FC12 was strengthened by the use of a long steel jacket and
anchor bolts. Strain gage SG9 was installed on a cross tie near a pair of
spliced bars located at 4 inches from the bottom of the splice. Figure 6.36
shows strain gage SG9’s measured strains. The plot shows high strains by the
cross tie before any splice failure. This indicates that the presence of the steel

jacket prevents anchorage failure of the cross tie.

Column FC13 was repaired by the use of steel jacket and through
rods. Strain gage SG10 was installed on a cross tie near a pair of spliced bars
located at 4 inches from the bottom of the splice. Figure 6.37 shows strain
gage SG10’s measured strains. Both columns FC12 and FC13 developed their
yielding flexural capacity and maintained it to large drift ratios. The
maximum strains measured by the strain gage SG9 was near 25000 micro-
strain. However, the maximum strains recorded by strain gage SG10 was
below 2200 micro-strain. The splice region of column FC12 was passively

confined by the transverse reinforcement and the steel jacket with anchor
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bolts. The splice region of column FC13 was passively confined by transverse
reinforcement and actively confined by the steel jacket and through threaded

rods.

6.5.3 Strains in the Through Rods

Column FC13 was repaired by the use of a steel jacket and two
vertical lines of three through rods each. The rods were 3/4 inch in diameter.
They were unbonded to the concrete column. The threaded through rods
were inserted into pre-drilled holes in the column, and tightened manually
by a wrench. Strain gages were installed on three through rods at three
different levels: 8",20" and 32" above the bottom of the splice. The top,
middle and bottom through rods had an initial prestress equivalent to strains
of 330, 437 and 413 micro-strain, respectively. This corresponds to
approximate preloads of 3.3 kips, 4.3 kips and 4.1 kips, respectively.

Figures 6.38 through 6.40 show the strains in the strain gages SGl11,
SG12 and SGI13. The plots reveal that the bottom through rod showed the
highest stress increase, while the top rod showed the lowest stress increase.
This indicates that the bottom of the splice causes an outward pressure on
the steel jacket higher than the top of the splice. Note that the maximum
strains in the through rods were all well below the actual yield strain of the

rods.
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6.5.4 Strains in the Steel Jackets

Strain gages were installed on the steel jackets of the retrofitted
columns as shown in Figure 6.41. Strain gages SG14 through SG25 were
installed on the steel jacket at 4 inches from the bottom of the column,
except strain gages SG22 and SG24, where they were installed at 12" from
the bottom of the column (the mid-height of the splice). The strain gages
were all in the plane of the splices.

Figures 6.42and 6.43 show the measured strains in column FC2’s steel
jacket. The concrete strength of column FC2 at the day of testing was 4900
psi. This relatively high concrete strength contributed considerably to the
good performance of column FC2. The plots in Figures 6.42and 6.43 reveal
that the east side (with anchor bolts) showed slightly lower strains than the
west side (without anchor bolts). The difference in strains was likely due to
the presence of the adhesive anchor bolts on the east side. The difference
was insignificant due to the high concrete strength. It is also observed that
the levels of strains on either side of the steel jacket were unequal. This
suggests that the type of deformations at the bottom of the steel jacket are
not pure transverse axial tensile strains, but rather, are influenced by some

shear forces transferred by the steel jacket.

Figures 6.44 and 6.45 show the plots of the measured strains on
column FC9’s steel jacket. Column FC9 had concrete strength of 2905 psi at
the day of testing. Figures 6.44 and 6.45 reveal that both sides of the steel

jacket, with and without anchor bolts, showed almost the same maximum
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strain. However, the east side ( with anchor bolts ) of column FC9
maintained its peak lateral capacity to over 3.0 % drift ratio, while the west
side ( without anchor bolts ) exhibited loss in strength at drift ratios above
1.6 %. It is also observed that the maximum measured strain on the west side
occurred at 2.7 % drift ratio. At higher displacements the strain gage SG17
showed lower strains. This may be due to deterioration of the concrete in the
vicinity of the spliced bars in the splice region, and consequently bond
deterioration between the spliced bars and the surrounding concrete. The
east side strain gage SG16 showed similar performance except the maximum
strain was reached at 3.2 % drift ratio. It is observed that the lateral strength
of column FC9 started degrading at 750 micro-strain and 650 micro-strain on

the east and west side, respectively.

Figure 6.46and 6.47 show plots of measured strains on column FC12’s
steel jacket.The east and the west sides of column FC12’s steel jacket were
stiffened with eight and six adhesive anchor bolts, respectively. The west side
of column FC12 was loaded to larger displacements than the east side. The
maximum measured strain was, on the west side, just below 950 micro-strain.
However, the drop in the lateral strength on the west side of column FCI12

was observed at strains near 770 micro-strain.

Figures 6.48 and 6.49 show the plots of the measured strains on the
repaired column FC13’s steel jacket. Strain gage SG20 and SG21 were
installed on the east side of column FC13 at 12 inches and 4 inches from the
bottom of the splice. The plots in Figures 6.48 and 6.49 reveal that the

measured strains in the steel jacket at the mid-height of the splice are almost
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half the strains at 4 inches from the bottom of the splice. Similar results were
revealed by the strain gage data on the strengthened column FC16’s steel

jacket, as shown in Figures 6.50 and 6.51.

6.6 MOMENT - CURVATUREAND LOAD - ROTATION DIAGRAMS

The average values of the column curvature were measured over a
length of 8, 10 and 20 inches from the bottom of the column (fixed end). The
average curvatures measured in the 8 inches region, at the bottom of the
column, include the fixed end rotation due to slippage of the longitudinal
bars in the footing. This additional rotation could not be measured, but is
believed to be very small. No attempt was made to correct the reported

curvature for this effect.

Figures 6.52 through 6.56 show the moment-curvature diagrams for
columns FC4, FC9, FCI11, FC12 and FCI13, respectively. The reported
curvature values represent an average curvature over the lower 8 inches of
the column. The moment-curvature plots show wide variation in the curvature
distribution among the test specimens. This variation is attributed to the
presence of the steel jacket and different patterns of adhesive anchor bolts
and concrete strengths. Similarly, Figure 6.57 through 6.60show the moment-
curvature diagrams for column FC14, FC16, FC15 and FC17, respectively.

Differential rotation over 20 inches were measured between levels at
18 inches and 38 inches from the bottom of the column. This 20 inches

distance spans over the top of the splice section and the top of the steel
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jacket. Figure 6.61 through 6.69 show the lateral load versus the measured

differential rotation. Since the measured rotation was over 20 inches, the
plots are presented in load versus rotation instead of moment versus
curvature. Column FCI12 exhibited better ductility and higher energy
dissipation. The plots of the load - differential rotation diagrams shown in
Figures 6.63 and 6.64 reveal that column FC11 (with a short steel jacket)
exhibited larger differential rotations than column FCI2 (with a long steel
jacket). Column FC12 showed smaller differential rotations because its steel
jacket spans over a major critical section, the top of the splice. This reduces
the amount of rotation that may be caused by the opening of the major

flexural crack at the top of the splice.

6.7 SUMMARY

In this chapter comparison and further discussion of the flexural
columns with inadequate lap splices were presented. All columns investigated
were detailed according to the provisions of the ACI 318-56 and 318-83

codes. The following is a list of key observations of what were presented:

1. Unretrofitted reinforced concrete columns with inadequate lap splices
were vulnerable to lateral loads. For columns having concrete strength
< 3000 psi, splice failure occurred before the development of the

yielding flexural capacity of the column.

2. Rectangular steel jackets were very effective in strengthening of

columns with inadequate lap splices. However, in addition to steel
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jackets,adhesive anchor bolts were needed for effectively strengthening

wide columns.

For 36 inch wide columns and smaller, having concrete strength >
4900 psi plain steel jackets were adequate for strengthening

reinforced concrete columns with inadequate lap splices.

For columns wider than 18 inches, having concrete strength below
4900 psi anchor bolts were required with the steel jacket for

strengthening columns with inadequate lap splices.

The presence of anchor bolts forces the steel jacket to deform with the
wide concrete columns in the splice regions, which may result in better

confinement of the spliced bars than without anchor bolts.

Steel jackets were terminated at least 1.0"from the face of the footing
or beam-column joint to prevent any possible bearing of the steel

jacket against the footing or the beam-column joint.

It was found that the steel jackets loose their effectiveness in confining

the column splice at a dilation strain of 770 micro strain.

Both unretrofitted and retrofitted columns investigated in this study
showed very rapid lateral stiffness degradation, however, the stiffness

degradation of the retrofitted columns was at lower rate.
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The retrofitted columns exhibited much higher ductility and energy
dissipation than the basic unretrofitted columns.

The retrofitted columns showed flexural capacity higher than the
theoretical nominal flexural capacity of the basic unretrofitted

columns.

For post-earthquake repair of columns with inadequate lap splices,
steel jackets with through found to be more adequate than steel
jackets with anchor bolts. Threaded rods provided at the bottom' of
the splice exhibited higher force increase than the rods located at

higher levels.

Columns retrofitted with steel jackets of height equivalent to 1.5times
the splice length performed better than those retrofitted with steel
jackets of height equivalent to 1.2 times the splice length.
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Figure 6.3 Behavior of Rectangular Steel Jackets
With and Without Anchor Bolts
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Figure 6.10 Envelopes of the Lateral Stiffness vs. Drift Ratio for the
Flexural Columns FC4, FC9 & FC12 (Pre-EQ-S)
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Figure 6.11 Envelopes of the Lateral Stiffness vs. Drift Ratio for the
Flexural Columns FC4, FC11 & FC12 ( Pre-EQ-S)
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Figure 6.12 Envelopes of the Lateral Stiffness vs. Drift Ratio for the
Flexural Columns FC14 & FC16 ( Pre-EQ-S)
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Figure 6.14 Envelopes of the Lateral Stiffness vs. Drift Ratio for the
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Figure 6.16 Envelopes of the Cumulative Energy Dissipated by the
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Figure 6.17 Envelopes of the Cumulative Energy Dissipated by the
Flexural Columns FC4, FC9 & FC12 ( Pre-EQ-S )
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Figure 6.18 Envelopes of the Cumulative Energy Dissipated by the
Flexural Columns FC4, FC11 & FC12 ( Pre-EQ-S)
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Figure 6.19 Envelopes of the Cumulative Energy Dissipated by the
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Figure 6.20 Envelopes of the Cumulative Energy Dissipated by the
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CHAPTER 7

ADDITIONAL EXPERIMENTAL DATA -
COLUMNS WITH INADEQUATE SHEAR STRENGTH

7.1 INTRODUCTION

This chapter presents comparison and further discussion of the test
results for columns with inadequate shear strength. Selected strain gage data
measured on the longitudinal reinforcing bars, transverse reinforcement and
steel jacket are also presented. Envelopes of the load-drift ratio, energy
dissipation, column stiffness and column rotations are described. The
effectiveness of partial and full steel jackets in strengthening columns with
inadequate shear strength is evaluated. The influence of different variables

is discussed. These variables include:

- direction of loading

- different types of steel jackets

Further discussion and analysis of the results are also provided in
Chapter 8.
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7.2 ENVELOPES OF THE CYCLIC RESPONSE

In this section, the response of the shear columns with inadequate
shear strength is presented. The envelopes for the push cycles of the load-
drift ratio curves are plotted on one quarter of the chart to facilitate

comparisons.

Figure 7.1 shows the envelopes of the cyclic response of the shear
columns SC1 and SC2. The concrete strength of columns SC1 and SC2 were
higher than planned. Consequently, the basic unretrofitted column SCI aid
not show a very dramatic shear failure. The use of steel collars slightly
improved the ductility, but, severe degradation was observed during the test

at large displacements.

Figure 7.2 shows the envelopes of the cyclic response of the shear
columns SC3, SCS, SC6, SC7 and SC8. These columns were loaded in the
weak direction. While the basic unretrofitted column SC3 did not develop the
nominal flexural capacity, which is equivalent to a lateral load of 110 kips,
the retrofitted shear columns with steel jackets exceeded the flexural yield
capacity and exhibited large ductility and high energy dissipation. Column
SC6 showed lateral strength higher than columns SC7 and SC8 because the
longitudinal bars were strain hardened during a previous test (column SC4
test). The response of column SC7 better represents the actual response of
a retrofitted shear column with inadequate shear strength, since the
longitudinal bars were not previously strain hardened. Again, the plot reveals

that the steel collar system was not as effective as the solid steel jacket
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system.

Figure 7.3 shows the envelopes of the cyclic response of the shear
columns SC9, SC10 and SC11. These columns were loaded in the strong
direction. As shown in Figure 7.3, the basic unretrofitted column SC9
exhibited very dramatic shear failure. However, the retrofitted column SC10
exhibited much higher strength, ductility and energy dissipation. Column
SC10 developed its ultimate flexural capacity by the fracture of one
longitudinal bar on the tension side during the push cycle to 4.0 % drift ratio.
However, if the main longitudinal bars of column SC10 were not strain
hardened during previous tests,the fracture of the longitudinal bar may have
occurred at higher drift ratio.

The envelopes of the cyclic response of the shear columns clearly
demonstrate that thin rectangular steel jackets can considerably improve the
strength, ductility and energy dissipation of rectangular columns with

inadequate shear strength.
7.3 LATERALSTIFFNESS OF COLUMNS

Stiffness degradation of short columns is usually attributed to decrease
in the modulus of elasticity of the cracked concrete, bond deterioration
between steel and the surrounding concrete, and alternate opening and
closing of residual cracks. Comparison of the stiffness degradation of the
shear columns is presented in this section, secant stiffness values were

computed, as described in section 6.3.
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Figures 7.4 through 7.6 show the envelopes of the lateral stiffness
versus drift ratio for the shear columns SC1, SC2, SC3, SC6, SC9 and SC10.
The plots reveal very rapid stiffness degradation for almost all the columns,
However, the stiffness degradation of the retrofitted columns SC6 and SC10
was at lower rate. On the other hand, the rate of stiffness degradation of
column SC2 was almost the same as that of the basic column SCI1. This
indicated that the steel collars did not improve the stiffness of columns with
inadequate shear strength in this case.

7.4 ENERGY DISSIPATION

The energy dissipated during the tests was computed as the area
within the hysteretic loops from the lateral load-displacement relation. Figure
7.7through 7.9 show the envelopes of the cumulative energy dissipated by the
basic unretrofitted and strengthened columns with inadequate shear strength.
The actual energy values reported in these plots are half the total dissipated

energy, to be consistent with the energy dissipation plots in Chapter 6.

As shown in Figures 7.7 through 7.9, the retrofitted shear columns are
capable of dissipating large ‘amounts of energy as compared to the basic
unretrofitted columns, with the exception of column SC11. Figure 7.8 shows
that columns retrofitted by the use of full solid steel jackets are capable of
dissipating more energy than columns retrofitted by the use of partial steel

jackets, or steel collars.

The total energy dissipated by each shear column was computed for
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the push direction of the column. Figure 7.10 shows the cumulative energy
dissipated by the shear columns. The numbers in parentheses represent the

maximum drift ratio to which each column was loaded.
7.5 STRAIN GAGEDATA

In this section, selected strain gage data, helpful in understanding the
behavior of the unretrofitted and retrofitted columns is presented. Strain
gages were used to monitor the strains in the transverse reinforcement and
on the steel jackets. The properties of the steel bars and jackets are
presented in Table 3.5.The strain gage data is presented as the lateral load
applied on the column versus the strains in the steel bars or the steel jackets,

A large number of strain gages were used. However, only selected
results are presented which represent typical strain gage data and which are

most useful in understanding the behavior of the test specimens.
7.5.1 Strains in the Transverse Reinforcement

The strains in the transverse reinforcement were measured at the mid-
length of the cross ties or the periphery ties. The spacing between the layers
of the transverse reinforcement was 16 inches. Shear columns had two
transverse reinforcement layers at 8 inches and at 24 inches from the bottom
of the column. The details of the transverse reinforcement were identical to

those used in the flexural columns.
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Figure 7.11 shows the locations of the strain gages. Strain gage SSG1
and SSG2 were installed on cross ties of column SC6, at 8 inches and 24
inches from the bottom of the column, respectively. For column SC7, strain
gages SSG3 and SSG4 were installed on cross ties located at 8 inches and 24
inches from the bottom of the column, respectively. Figures 7.12 through 7.15
show the strain gage data for the strain gages SSGI through SSG4,
respectively. The plots show the strains in the transverse reinforcement at the
24 inch level are higher than those at 8 inches. The transverse reinforcement
layer at 24 inches is very close to the intersection of the two theoretical major
diagonal shear cracks. Also, the plots reveal that the transverse remforcement
at 24 inches yielded, which indicates that even in the presence of a steel
jacket the existing transverse reinforcement contributes to the shear
resistance of column. This is due to the passive confinement of the steel
jacket,

Figures 7.16 and 7.17 show the plots of load versus strain in strain
gages SSG5 and SSG6 for the basic unretrofitted column SC9 and the
strengthened column SC10, respectively. Both strain gages were installed on
mid-length of the peripheral tie located at 24 inches from the bottom of the
column. Columns SC9 and SC10 were loaded in the strong direction. While
strain gage SSGS exhibited very high strains, column SC9 did not develop its
yielding flexural capacity, but rather experienced very dramatic shear failure.
On the other hand, the maximum strain measured by the strain gage SSG6
was below 1400 micro-strain. This maximum strain was Jow because of the
presence of the steel jacket which did not allow the major diagonal shear

cracks to open up, even at large lateral displacements of the column,
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7.5.2 Strains in the Steel Jackets

Rectangular strain rosette gages and uniaxial strain gages were used
to measure the strains in the steel jackets. Figure 7.18 shows the locations of
the strain gages.

Strain gages SSG7 and SSG8 were installed on the west side of
columns SC6’s and SC10’s steel Jackets. The west side of the column is
orthogonal to the direction of loading. Strain gages SSG7 and SSG8 were
located at 8 inches from the bottom of the column, at the same level as the
first layer of transverse reinforcement. Figures 7.19and 7.20 show the strains
in gage SSG7 and SSG$ during the test. The plots show that the outside face
of the steel jacket experienced tensile strains in the transverse direction.
These strains may be caused by the concrete lateral pressure on the
compression side, which may develop bending strains in the steel jacket. But,
since the strains on the outside face the steel Jacket are tensile strains during
the push as well as the pull cycles, it is believed that these strains are due to
bearing of the concrete column on the sides of the steel jacket. Figure 7.21
illustrates the kind of deformations that developed in the steel jackets under
lateral shear load.

Figures 7.22 through 7.27 show the strains in the rectangular strain
rosette gages SRG1 and SRG2. Strain rosette gage SRG1 was installed on
the north side of column SC6’s steel jacket. It was located at 26 inches from
the bottom of the column. Strain rosette gage SRG2 was installed on the

north side of column SC10. It was located at 20 inches from the bottom of
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the column. Figure 7.18 shows the locations of the strain gage SRG1 and
SRG2.

Figure 7.22 through 7.24 show the strains in the strain gage SRGI1 at
angles of © = 0%, 45%and 90°, respectively. Figures 7.25 through 7.27 show
the strains in the stain gage SRG2 at angles © = 45% 135° and 909,
respectively. Column SC10 was loaded in the strong direction. It exhibited
very satisfactory performance over the basic unretrofitted column SC9.
However, major diagonal shear cracks formed on both columns SC9 and
SC10 during the cycles to 110 kips. The steel jacket picked up shear forées
at a much higher rate at loads above 110 kips, as shown in Figures 7.25 and
7.217.

7.6 MOMENT - CURVATUREDIAGRAMS

The average values of the column curvature were measured over a
length of 7 inches from the bottom of the column (fixed end). The rotation
at the fixed end due to slippage of the longitudinal bars in the footing was
ignored. Figures 7.28 through 7.31 show the moment curvature diagrams at
the bottom of columns SC3, SC6, SCI and SC10, respectively. The plots show
a large improvement in the curvature ductility of the columns when
retrofitted with steel jackets.

7.7 SUMMARY

In this chapter comparison and further discussion of the shear columns
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with inadequate shear strength were presented. All columns investigated in
this study were detailed according to the provisions of the ACI 318-56 and
318-63 codes. The following is a list of key observations of what were

presented:-

1. Thin rectangular steel jackets were very effective in strengthening of

reinforced concrete columns with inadequate shear strength.

2, Columns strengthened with full rectangular steel jackets exhibited
higher flexural capacity, ductility and energy dissipation than the basic

unretrofitted columns.

3. Although steel jackets were very effective in enhancing the strength
and ductility of columns of inadequate shear strength, they are
considered passive systems. They start working effectively after the

concrete column has developed major diagonal shear cracks.

4. Measured strains on the steel jackets were fairly low, never exceeding
half the yielding strain of the steel jacket.
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CHAPTERS

EVALUATIONAND DESIGN OF STEEL
JACKETED COLUMNS

8.1 INTRODUCTION

In this chapter, the effect of different variables on the performance of the
test specimens is evaluated and discussed. Approaches for the design of steel
jackets for retrofit of columns with an inadequate 1lap splice or inadequate shear
strength are also discussed. Based on the results of the tests conducted in’ this
study, preliminary design guidelines for the use of steel jackets for seismic
retrofit of non-ductile reinforced concrete columns are presented. Analytical
models for the design of seismic retrofit of columns with inadequate lap splices
using rectangular steel jackets with and without anchor bolts are presented in
sections 8.4 and 8.5.A simple model for the design of seismic shear retrofit of
columns with inadequate shear strength is presented in section 8.12. A
numerical example is presented in appendix "C".

8.2 SHORTEST REPAIRABLE LAP SPLICE

Columns investigated in this study were detailed according to the
provisions of the American Concrete Institute codes ACI 318-56 and ACI 318-
63. Some of the flexural columns with inadequate lap splices had an unintended
concrete strength below 3000 psi. The splice length for these columns was only
75% of the splice length required by these older ACI code provisions for
columns with concrete strength less than 3000 psi. However, the proposed steel
jackets were effective in strengthening those columns. In general, however, using
the results of this study for seismic strengthening of columns that do not meet
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the requirements of the older ACI code provisions should be approached with
caution.

The steel jackets tested were effective in strengthening columns with
inadequate lap splices. However the length of the splice to be strengthened
should not be less than L, below which bond failure would occur regardless
of the passive confining stress provided by the steel jacket, anchor bolts and
transverse reinforcement. If the splice length is shorter than L, bond failure
may occur by shearing-off a cylinder of concrete of a diameter slightly larger
than that of the deformation of the reinforcing steel. This type of failure has
been observed in beam steel passing through beam-column joints. Results from
such tests indicate [37] that the effective bond stress corresponding to this
failure is :

U, = 16 [f, (8-1)

Thus, the minimum required splice length to develop a stress of 1.25F
in the bar is :

y

_ 1.25Abe _ 0.020 4, F,
S{amin) nd,U, @

(8-2)

If the length of the column lap splice is below L,.,as given in equation
8-2, steel jackets or other kinds of passive confinement might not be effective.
In this case an active confining system such as externally prestressed stirrups or
steel jackets with through rods may be more effective.
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8.3 SHEAR FRICTION MECHANISM OF LAP SPLICES

For columns with inadequate lap splices, it was assumed that the main
role of the steel jackets was to develop a passive clamping force across the
splice splitting crack. Thus, the steel jacket should enable a shear friction
mechanism to be used in transferring forces from one spliced bar to its
counterpart. An equivalent friction factor of p = 1.0as for construction joints,
appears to be appropriate for columns retrofitted with 1/4" thick steel jackets.
Also, a friction factor of px = 1.40 as for concrete placed monolithically,
appears to be appropriate for columns retrofitted with 1/4" thick steel jackets
and adhesive anchor bolts or through rods. The presence of anchor bolts would
influence the deformation of the splice fracture surface, which may result in an
increase in the confining pressure. However, for simplicity, the increase in the
confining pressure is reflected as an increase in the shear friction factor.
Numerical examples supporting the validity of the shear friction factors are
presented later in this section.

The equivalent model of load transfer [30], using a 45 degree concrete
compression field is shown in Figure 8.1(a) & (b). Based on these assumptions
the clamping force V,;should be equal to the tension force T to be transmitted
over the splice length L, Hence, the required thickness of the steel jacket can
be estimated from equation 8-3.

V=T, =  2(tg*L,)fy=A,*(1.25F,)
; A *125 F, (8-3)
22— -
e 2L, f,
where
V'; = confining force by the steel jacket (kips)
T, = tensile force in the longitudinal bars (kips)

= thickness of the steel jacket (in)
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L, = length of the lap splice (in.)
f;, = effective stress in the steel jacket (ksi)
= yield strength of the longitudinal bars (ksi)

Equation (8-3) does not take into account the contribution of the
transverse reinforcement and the out-of-plane flexural stiffness of the steel
jacket. As this study showed, anchor bolts may be needed to increase the
stiffness of the steel jacket. More detailed methods for estimating the thickness
of the steel jacket are presented in sections 8.4 and 8.5.

Like the clamping force V;, the shear friction force V ¢ should be equal
or greater than the yield strength of the longitudinal bars to ensure the
development of the longitudinal bar’s capacity before any splice failure. As
shown in Figure 8.1 (c), the effective width of the crack surface, over which
frictional shear stresses must be transferred, may be assumed to be the smaller
of 2C, and 3d,as suggested by Paulay [30], where C,is equal to half the clear
spacing between pairs of spliced bars. Following the provisions of the current
ACI 318-89 code, shear stress at the development of the shear friction
mechanism should not exceed 0.2 £, or 800 psi. This is a safeguard against
premature crushing of the concrete due to diagonal compression. These design
criteria will seldom be critical unless the clear distance between pairs of spliced
bars in a layer is very small.

The following is an example illustrating the procedure for checking the
adequacy of column lap splices using the shear friction concept. Assume a 36"
x 18" concrete column as the specimens tested in this study. The concrete
strength is 3000 psi and the tensile yield strength of steel is 60 ksi.

ve=0.2 £, < 800 psi (8-4)

where v, is the shear stress at the development of shear friction mechanism.
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ve=0.2(3000) =600psi <80psi OK .. v,=600psi.
The effective width of the shear crack surface W, is equal to the smaller of 2C,
and 3d|,
W,=2C,=346"
= 3d, = 3.0" SW, =3.0"
The area of the shear surface A,= W ,*L,=3.0"*24" = 72 in?

Maximum shear force ( V9 associated with the development of shear friction
mechanism at the splice

Vi = Ve* Ayg = 600psi (72in?) = 43,2001bs.= 43.2 kips.
Tensile yield capacity of longitudinal bar T,,
Ty=A, * F, =0.79in? (63 ksi ) = 49.77kips = 50 kips.

V¢ < Ty .. the splice will fail before the tensile yield capacity of the
longitudinal spliced bars is reached.

Check the same for column FCl, f, = 4700 psi,
v =0.2(4700) = 980 psi > 800 psi S use v, = 800 psi.
Ve = Ve* Ay = 800psi * 72in? = 57600 lbs. = 57.6 kips.

V> Ty .. the spliced bars will develop tensile yield capacity before a shear
friction failure occurs.
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In the previous example the shear friction factor was considered equal
to 1.0. The next example will present the application of the shear friction
concept on the retrofitted columns with plain steel jackets without anchor bolts.
The west side of columns FC2 and FC9 will be examined. As cited earlier that
the equivalent shear friction factor p = 1.0 appeared to be appropriate for
columns retrofitted with plain steel jackets (without anchor bolts).

Column FC2 ( West ) fc = 4900 psi, <. vy = 800 psi.
Ve=1.0*(72*800) = 57600 Ibs. = 57.6 kips > T,
Column FC9 ( West ) fc = 2905 psi, <. V= 581 psi.
Vye=10*(72*581) = 41832 Ibs. = 41.8 kips < T,

Therefore, a plain steel jacket without adhesive anchor bolts would be
able to strengthen column FC2, but it would not be able to strengthen column
FC9. However, a steel jacket with anchor bolts would be adequate for
retrofitting column FC9, since the presence of adhesive anchor bolts would
increase the effective shear friction factor to 1.40.The next example presents
the application of the shear friction concept on columns with inadequate lap
splices retrofitted with steel jackets and anchor bolts. The East.side of columns
FC9 and FC12 will be examined.

Column FC9 ( East ) fc = 2905 psi, <. v = 581 psi.
Vie=140* (72 *581) = 58,5651bs. = 58.6 kips > T,

Column FC12 (West) fc = 3265 psi, S. V= 653 psi.
V= 1.40* (72 *653) = 65,822 Ibs. = 65.8 kips > T,,

This indicates that the equivalent shear friction factor p = 1.40 is
appropriate for columns, with inadequate lap splices, retrofitted by the use of
1/4" thick steel jackets and adhesive anchor bolts. The experimental results of
these two columns are in agreement with this observation.
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8.4 DESIGN OF STEEL JACKETS WITHOUT ANCHOR BOLTS

After studying the shear friction mechanism of any particular column with
inadequate lap splice, the need for adhesive anchor bolts become apparent. The
design of plain steel jackets without anchor bolts is presented in this section.
The design approach considers the contribution of the transverse reinforcement
in confining the lap splice.

In order to find the thickness of the steel jacket, the shear friction at the
splice should be first estimated. The design shear friction should be the one
associated with the development of 1.25 F, the tensile yield strength of the
longitudinal bars. The factor 1.25 accounts for the strain hardening of the steel
bars. Assuming a 45 degree compression field at the splice, the equilibrium
equation becomes

Ty =V, (85)
where
Tb = A.*1.25Fy and V,f = ﬂ.* v|f*A'f

T, = force in the longitudinal bar (kips)

A, = cross section area of the longitudinal bars (in?)

F, = tensile yield capacity of longitudinal steel bars (ksi)

V.= shear friction force on the shear surface (the plane of the spliced
bars) at the development of shear friction mechanism (kips)

g = shear friction factor equal to 1.0 for steel jackets without anchor

bolts and 1.40 for steel jackets with anchor bolts.

v = shear stress on the shear surface (ksi)

A, = effective shear surface area, equal to the smaller of 3d, * L,ad
2C,*L, (in?)
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d, = nominal diameter of the longitudinal bar (in.)
L, = length of the lap splice (in.)
C, = half the clear spacing between longitudinal bars (in.)

For columns where 2C, is smaller than 3d, , the splitting crack may
develop along the full width of the column. Equation (8-5) becomes

A.* 1.25Fy = [L* v'f*A'f

A, + 125 + F, .
Vg = <02 = f, <800 ps.i. (8-6)
B * A.g

From Figure 8.2 the shear friction equilibrium equation is :

Vi+V, =V,

20) O, * 2 + AF = v, sbxs (8-7)

3 v h syt L
where

V, = confining force by the steel jacket per spacing s (kips)

V. = confining force by the transverse reinforcement (kips)

b = width of the column (in.)

s = spacing between layers of transverse reinforcement (in.)

t; = thickness of the steel jacket (in.)

f; = effective stress in steel jacket equivalent to the critical dilation
strain (ksi)

18/ h = factor reflecting the effect of column depth

A, = area of one layer of transverse reinforcement (in?)

F,, = tensile yield capacity of transverse ties (ksi) < 60 ksi
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ve¢ = shear friction stress (ksi)

Steel jackets lose their effectiveness in confining column splices at a
critical dilation strain near the bottom of the splice. Experimentally, it was
found that the critical dilation strain was 770 micro strain, which was equivalent
to approximately 22 ksi. The total depth of all the flexural columns investigated
in this study was 18 inches. Deeper column sections require a thicker steel
jacket to be as effective as the steel jackets of the 18 inch deep columns. For
the same steel thickness, a steel jacket for a deeper column séction reaches its
maximum effectiveness at strains lower than the dilation strain of 18 inch deep
columns. Equation (8-7) can be rewritten as follows

* F ) h

t.ﬂ 2 (Vv-*b*s "'A“ » m

(8-8)

The following example illustrates the use of equation (8-8). For the 36
inch wide columns examined in this study, assuming the shear friction failure
would occur over the full width of the column and along the full height of the
spliced bars, the stress on the shear surface would be

b= 8% (079 * (125 * 63)
¥ 1.0 * (36 *24)

= 0.576 ksi < 02 * f,

Column FC9 (36" x 18")

18

t 576 * 36 * 16 - .11 —_—
g 2 [0576 = * S (0.11) 58] = 36 (16) 22

"ty = 0.426"
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Column FC16 ( 27"x 18")

18
¢ 0.576 * 27 + 16 - 4 (0.11) 58 18
v > 1 (OIL)S8T * iy 22

oty = 0.317"

Column FC17 ( 18" x18")

18
¢ 0.576 + 18 * 16 - 2 ( 0.11) 58 18
g = | (0I1) 381 * 16722

Lty = 0.218°

The previous example showed that a 1/4" thick steel jacket without anchor bolts
is effective for strengthening (18" x 18") columns, but not as effective for
strengthening columns wider than or deeper than 18 inches. The results of

Equation (8-8) are in good agreement with the experimental observation of
columns FC9, FC16 and FC17.

8.5 DESIGN OF STEEL JACKETS WITH ANCHOR BOLTS

The design of steel jackets with anchor bolts is very similar to those
without anchor bolts. As illustrated in Figure 8.3, anchor bolts force the steel
jacket to deform with the concrete column and improve the confinement of the
splice. Most of this improved performance is due to increase in the equivalent
shear friction factor over the potential splitting crack on the plane of the spliced
bars. Both the top and bottom anchor bolts contribute to deforming the steel
jacket. Also, the bottom anchor bolts, installed within the splice length provide
direct confinement to the spliced bars. However, this direct confinement is small
due to the short embedment length of the anchor bolts beyond the splice plane.
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An equivalent shear friction factor of 1.40 was found to be appropriate for
columns retrofitted with steel jackets and anchor bolts.

Figure 8.4 shows a detail of an adhesive anchor bolt in the splice region.
Bond failure between the anchor bolt and the surrounding concrete is
considered the primary limit state. Thus, the maximum force that can be carried
by an anchor bolt is

Tab = ub* Td‘bL.b (8'9)
where

u, = bond stress between anchor bolt and concrete (ksi), a value 6
16 N/ is recommended. Please see section 8.8 for more
details.
nominal diameter of anchor bolt, although the actual diameter
of the fracture surface is slightly larger (in)
L,, = actual embedment length of anchor bolt, measured from the
center of the spliced bars into the core of the concrete
column (in.).

do

The shear friction stress estimated using equation (8-6) is also valid for
columns retrofitted with steel jackets and anchor bolts. However, the shear
friction factor u = 1.4should be used. It is believed that the 40 % increase in
the shear friction force is resisted by the deformation of the steel jacket in the
vertical direction, which causes an increase in the shear friction resistance.
Figure 8.5 shows a cross section of a column retrofitted with a steel jacket and
anchor bolts. The equilibrium equation of forces acting on the splice plane is

V,f = V.j + Vn+ V‘b (8"10)
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where

Vs = confining force by the anchor bolt(s) (kips)
By substitution and rearrangement, equation (8-10) can be rewritten as follows
2(y) s*f;*18h = (ve.b.s) - [u,wdypL,, S/L)Ing- (Ag* Fy)
where

n, = number of anchor bolts within the splice region, must be located ata
distance = 6.0inches below the top of the splice.

from which the thickness of the steel jacket can be estimated as follows

h

8-11
36*s*fﬁ. ( )

ty 2 [ (v#*b*s ) -(uymd, L, Li)nab - (Ag*Fy‘) ] *
S
Based on the test results of this study, it is recommended to limit the anchor
bolt term in Equation (8-11) to 10-15% of the maximum shear friction force.
The following examples demonstrates the application of equation (8-11).

Column FC12 ( 36" x18")

The west side of column FC12 was retrofitted with a steel jacket and two
vertical lines of two anchor bolts each. It had only two anchor bolts within the
splice length. Therefore the required thickness of the steel jacket would be

_ 8 % (0.79) * (1.25 * 63)
¥ 1.40 * (36 * 24)

= 0.411 ksi < 0.2 * f, < 800 ps.i.

oty = 0.263" use 1/4" thick steel jacket.
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3265 16 18
£, > [ (0.411+36+16 ) - (16+Y3265 *+1.0%5.125¢=2 )2 - 5(0.11)58 ] # —> __
g2 [( ) - A6+ 24 22 7 30IN58 ] ¢ 16 22

Column FC16 (27" x 18")

The east side of column FC16 was retrofitted with a steel jacket and one
vertical line of two anchor bolts. It had only one anchor bolt within the splice
length. Therefore the thickness of the steel jacket should be

2565 16 18
t 0.411+27+16) - ( 18 -C 1.0+5.125+«—) - 5(0.11)s8 P —
g 2 [( *27+16 ) - ( 18+ 1000 *x1.0%5 5#24) 5(0.11)58 ] = 36 (16 22

oty = 0.203" >3/16" .". use the next thicker, a 1/4" thick steel jacket.

The performance of the east side of column FC16 was considered
satisfactory with a 1/4" thick steel jacket. The concrete strength of column FC16
was only 2565 psi. For such low strength concrete, the lap splice length should
have been 32 times the diameter of the longitudinal bar per ACI 318-63, the
actual splice length of column FC16 was only 24 d,, If the actual splice length
of column FC16 was exactly according to the provisions of ACI code 318-63,a
0.203" thick steel jacket with anchor bolts would be adequate for seismic
strengthening of column FC16 according to Equation (8-11).

8.6 ULTIMATE FLEXURAL CAPACITY

It was observed that both the basic unretrofitted flexural and shear
column specimens did not develop their nominal yield flexural capacity, with
the exception of columns FC1 and SCI1. On the other hand, all the retrofitted
columns developed flexural resistance higher than the theoretical flexural
capacity of the unretrofitted columns. This increase in the flexural resistance is
primarily due to the following two reasons:



325

1. increase in the confinement of the concrete compression
zones by the steel jacket,

2. strain hardening of the longitudinal reinforcing bars on the tension
sides of the columns.

Concrete compression strength increases with the presence of lateral
confinement. Well detailed longitudinal and transverse reinforcing bars provide
good confinement for the concrete core but not for the concrete cover. Unlike
ordinary reinforcing bars, steel jackets provide lateral confinement for the whole
concrete section, including the concrete cover. Concrete in the compression zone
exhibits higher useful stresses and strains when confined by steel jackets, which
result in an increase in the flexural capacity as illustrated in Figure 8.6. This
increase in the flexural capacity is primarily due to an increase in the moment
arm between the resultant of the compression forces "C"and the resultant of the
tensile forces "T".At large curvatures at the critical section, the longitudinal
reinforcing bars experience stresses higher than the yield stress. Combined with
the increase in the moment arm (d-a./2), strain hardening of the longitudinal
bars causes an additional increase in the flexural resistance of the concrete
column as shown in Figure 8.7.

The observed experimental flexural capacity of the retrofitted columns
was 30 - 35 % higher than the theoretical nominal flexural capacity of an
unretrofitted reinforced concrete column with an inadequate splice. In order to
estimate the ultimate flexural capacity of a steel jacketed column, the maximum
compressive strength £ of confined concrete under lateral pressure needs to be
evaluated. Confined concrete strength is greatly influenced by the amount of the
transverse reinforcement. For steel jacketed columns, the steel jacket provides
sufficient confinement to the column concrete, prevents buckling of the
longitudinal bars, and prevents shear failure. However, the steel jackets become
ineffective in confining the splice region of concrete columns with inadequate
lap splices at strains above some maximum useful strain. It was experimentally
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found that the maximum useful strain (dilation strain) did not exceed 770 micro
strain, which is equivalent to a stress of approximately 22 ksi. The dilation strain
has a low value because the steel jacket is unbonded to the concrete column.

Figure 8.8 shows a cross section of a column retrofitted with a steel
jacket. The confining pressure f; can be estimated by writing the equilibrium
equation

Vn+v'j='fl*b*s

(Ag*Fy) +2(ty) s*f,*18m) = Jixp x
Li=1d *F)+2*(t-)*s*f*1—8]*( 1 ) (8-12)
! . ¥ I h bxs

Knowing the maximum useful stress in the steel jacket, the equivalent
lateral pressure can be estimated using equation (8-12). Figure 8.9 presents a
chart which can be used to estimate the compressive strength of confined
concrete. The chart, adopted from reference [11], was developed by Mander et
al, and is based on work conducted by Mander as well as other researchers
[38,39,40].

To calculate the longitudinal compressive strain of confined concrete at
failure e, a simple equation suggested by Richart et al [41] was adopted.

e & 8c0[1+5(Pcc/f,co'l)] (8'13)
where

& = concrete strain associated with the maximum confined concrete
compressive strength
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&, = concrete strain associated with the maximum unconfined
compressive strength ., ( generally assumed 0.002).

Mander et al [11] developed a more refined method to estimate the
confined concrete strain at the maximum concrete stress f’.. This method is
based on an energy balance concept. It predicts the longitudinal compressive
strain in concrete corresponding to first fracture of the transverse reinforcement
by equating the strain energy capacity of the transverse reinforcement to the
strain energy stored in the concrete as a result of the confinement. A similar
approach can be used for steel jacketed columns. The only major difference is
that the maximum compressive strain in the concrete should be that
corresponding to the limiting dilation strain in the steel jacket, not the first
fracture of the transverse reinforcement.

Knowing hi ,fcand &, the ultimate flexural capacity of a steel jacketed
concrete column can be evaluated. Appendix "C"presents a numerical example
for estimating the flexural capacity of a steel jacketed column.

8.7 HEIGHT OF THE STEEL JACKET

For columns with inadequate lap splices, the height of the steel jackets
was either 1.2 or 1.5 times the length of the lap splice. Figure 8.10 shows two
retrofitted columns with short and long steel jackets. Based on the results of
column FCl1, it was found that extending the steel jacket 4.5"above the top of
the splice did not ensure good confinement of the splice by the steel jacket at
large drift ratios. However, based on the results of column FC12, it was found
that extending the steel jacket 12"above the top of the splice was considerably
more effective in improving the ductility of columns with inadequate lap splices.
The longer steel jacket has the advantage of being anchored to the concrete
column at approximately 6 inches above the top of the splice. This allows
anchoring the steel jacket to the concrete column away from the top of the
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splice. In addition, it forces the steel jacket to deform better with the concrete
column and help confine the splice region. It is recommended to use steel
jackets of height equal to the larger of 1.5 times the length of the splice and

L, +12").

For columns with inadequate lap splices, the steel jackets were
terminated 1.5" from the face of the footing. This termination was made to
avoid any possible bearing of the steel jacket against the footing, which may
increase the flexural capacity of the column and cause local damage of the steel
jacket at the bottom of the splice.

For columns with inadequate shear strength, the height of the steel
jackets was equal to the full height of the column less by two inches, one inch
at the top and one inch at the bottom.

8.8 CONCRETE COMPRESSIVE STRENGTH

Force transmission between spliced bars relies on bond between bars and
the surrounding concrete. In certain regions, particularly where inelastic and
reversible strains occur, heavy demand may be imposed on stress transfer by
bond.

Experimental results of the retrofitted column FC2 indicated that if the
column concrete strength is higher than or equal to 4900 psi, a plain steel jacket
without adhesive anchor bolts was adequate for strengthening 36 inch wide
columns with inadequate lap splices. On the other hand, test results of the
retrofitted column FC9 indicated that if the column concrete strength is lower
than or equal to 2900 psi, a plain steel jacket without adhesive anchor bolts was
inadequate for strengthening 36 inch wide columns with inadequate lap splices.
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For columns with inadequate shear strength, test results indicated that
rectangular steel jackets are very effective in enhancing shear strength and
ductility of these columns. Columns with concrete strength as low as 2250 psi
were successfully retrofitted with 1/4" thick rectangular steel jackets.

8.9 NON-SHRINK GROUT

The unconfined compressive strength of 2 inch cubes of the non-shrink
grout used in this study ranged between 4300 psi and 7490 psi. It was observed
that the compressive strength of the non-shrink grout did not have major
influence on the performance of the retrofitted columns. This is probably due
to the confinement of the non-shrink grout between the steel jacket and the
concrete column.

In this study, the thickness of the non-shrink grout was one inch. It is
believed that the thickness of the grout could have been smaller without any
significant change in the performance of the retrofitted columns. The one inch
thickness was selected for ease of casting the grout.

8.10 ADHESIVE ANCHOR BOLTS

As presented in the previous sections, when adhesive anchor bolts were
required, they were provided at least at two levels, above the top of the splice
and within the bottom half of the splice length. In plan, it was found that
providing the anchor bolts at 12 inch intervals was adequate to confine the
splice. Figure 8.11 shows a detail of an adhesive anchor bolt at a column lap
splice. As shown in the figure, a 4" x4"x 1/2" thick steel washer was used with
every anchor bolt to distribute the bolt force over a larger area. If it were
assumed that the effective confined zone is bounded by 45 degree lines radiating
from the edge of the 4" washer, the width of the confined zone at the splice
location would be approximately 12 inches. This may explain why a 12 inch
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spacing between anchor bolts worked very well for the retrofitted columns with
an inadequate lap splice.

Bolts used in this experimental research were 1.0 inch in diameter.
Appendix "B"presents more details about the adhesive anchor bolts used in this
study. The total length of the bolt was 12 inches, and it was embedded 8 inches
into the concrete column. The bolt was embedded approximately 5 inches
beyond the plane of the spliced bars. This distance is referred to later as L,,.
The total surface area of the embedded portion of the bolt beyond the plane of
the spliced bars is equal to

Agp = m*dy*L, (8-14)
where
A, = surface area of anchor bolt over embedment length L, (in?
d,, = nominal diameter of anchor bolt (in.)
L, = embedment length of anchor bolt beyond the plane of the
spliced bar (in.).

As bond failure between the anchor bolt and the surrounding concrete
is considered the primary limit state, it is very important to keep the level of
bond stresses sufficiently low to prevent this limit state. A bond stress of 16@
is considered appropriate for anchor bolts embedded in concrete, since for this
particular case bond failure may occur by shearing-off a cylinder of concrete of
a diameter slightly larger than the outside diameter of the anchor bolt. The
actual bond failure would occur at the bolt adhesive-concrete interface, and the
actual fracture surface would be located slightly into the concrete material.
Some variables, such asd,,, L, and the horizontal spacing between bolts, were
not thoroughly investigated in this study, but it is believed that some limitations
are needed to ensure acceptable performance by retrofitted columns. These
limitations are as follows:
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1. horizontal spacing between bolts = 12-[24 (1.0-d,)] < 12"
2. minimum embedment length = 0.4 (d,?) Fy = 5.0"
3. minimum diameter of bolt = 3/4".

Surface preparation is the most important item when adhesive materials
are involved. The pre-drilled hole for the anchor bolt should be cleaned very
well before the installation of anchor bolts. Otherwise, bond failure may occur
at early stages of loading.

For seismic retrofitting, adhesive anchor bolts are preferred over
expansion anchors since they have higher stiffness and distribute the load to the
concrete column over the whole embedment length L, Figures 8.12 and 8.13
summarize the recommendations for strengthening and repair of columns with
inadequate lap splices, by the use of rectangular steel jackets.

8.11 BEHAVIOR OF JACKETED COLUMNS FAILING IN SHEAR

Before the development of the major diagonal shear cracks, the response
of the retrofitted columns with full steel jackets was almost identical to that of
the basic unretrofitted columns, with the exception the retrofitted columns had
a slightly higher stiffness. During the tests, the major diagonal shear cracks
developed on both the unretrofitted and retrofitted columns at almost the same
lateral loads. This suggests that the steel jackets were passive and did not
provide significant shear resistance until the concrete column had deformed and
developed major diagonal shear cracks.

Prior to major diagonal shear cracking, the strain in the steel jackets was
very small, much smaller than the corresponding strain of the concrete. After
the development of the major diagonal shear cracks, the steel jacket carried
shear forces at higher rates. Thus, the steel jacket did not prevent the
development of the shear cracks, but it prevented widening of the major
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diagonal shear cracks. The development of the major diagonal shear cracks was
associated with very high strains in the transverse reinforcement, well beyond
its yielding strain.

The response of the transverse reinforcement to cyclic straining imposed
by lateral forces does not involve significant cyclic degradation, provided that
the reinforcement remains in the elastic range. Also, it is believed that the
response of steel jackets to cyclic straining does not involve significant cyclic
strength and stiffness degradation, provided that the steel jacket remains in the
elastic range. Therefore, it is important that the steel jacket remains elastic to
prevent any widening of the major diagonal shear cracks and consequently
major loss of the column lateral strength and stiffness. .

Since the steel jacket is unbonded to the concrete column, the diagonal
shear cracks have to open widely in order to develop the yielding strain of the
steel jacket. At that stage, shear transferred by the concrete may drop
dramatically, due to loss of aggregate interlock across the crack.

8.12 SHEAR ANALYSIS OF STEEL JACKETS

If the steel jacket is permitted to yield, significant shear deformations will
result. The closure of wide diagonal cracks upon force reversal is associated with
insignificant shear and hence seismic resistance. As a consequence, marked
reduction of energy dissipation will also occur during cyclic lateral loading. For
these reasons, the prevention of yielding of the steel jacket during an
earthquake is one of the aims of the proposed simple model.

The shear strength enhancement provided by the rectangular steel jackets
can be conservatively estimated by considering the jacket to act as a series of
independent square ties of thickness and spacing t,;, where tis the steel jacket
thickness. Conservatively, the shear stresses in the steel jacket between the
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assumed square ties are ignored. The shear force carried by the steel jacket V,;
would be

dS]
Vy = d;xFy« =L (8-15)

where
A, = area of the assumed square tie (in?)
= (tg)?
F,; = stress in the steel jacket; recommended value is equal to half
the actual yielding stress of the steel jacket (ksi)
d,; = total depth of the steel jacket (in)
s = spacing between the square ties, equal t,; (in).

Equation (8-15) assumes that the diagonal strut inclination for the
retrofitted columns is at an angle @ = 45 degrees. It can be rewritten as follows

Vg = Av*(O.S*Fy)q*gif (8-16)
L)

The maximum column width that was investigated in this study was 36
inches. It was found that 1/4" thick rectangular steel jackets could provide
adequate shear strength for reinforced concrete columns as wide as 36 inches.
However, confinement of the compression zone may become a limit state. For
columns wider than 36", thicker steel jackets should be used.

The nominal shear capacity of a retrofitted reinforced concrete column
with inadequate shear strength by the use of rectangular steel jackets would be:

V, =V, + V, + V, (8-17)

where
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V. = nominal shear force at section (kips)

V. = nominal shear force provided by concrete (kips)
equal 2.0 Jbwd.

V.= nominal shear force provided by transverse ties (kips)
equal A*F,*(d/s)

V,; = nominal shear force provided by the steel jacket (kips)
equal A *Fy* (dy/ sy).

8.13 INFLUENCE OF AXIALLOAD

In this study, columns were all tested under lateral cyclic loading, but
without axial load. This section discusses the influence of axial load on the
design of retrofitted columns with steel jackets.

Building columns are subjected to gravity axial compressive forces.
During an earthquake, column axial load may increase or decrease depending
on the structural system of the building and its response to ground motion. An
increase in the axial compressive load will increase the shear capacity of the
column, but will not necessarily increase column ductility, which is needed in
seismic zones. Compressive axial load will require a larger concrete compressive
force and compression zone. The contribution of the concrete compression zone
in resisting shear is usually larger. But, after reaching its peak lateral load, an
ordinary reinforced concrete column with axial compressive load will exhibit
lower ductility and a higher rate of strength and stiffness degradation, as
compared to columns without axial load.

For designing retrofitted shear columns subject to shear and axial
compressive load, the new flexural capacity should be first estimated for the
concrete column. The entire column cross section should be considered as a well
confined concrete section. Jacketed columns under small axial load exhibit
higher flexural capacity than a basic unretrofitted column without axial load.
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The increase in the flexural capacity is due to two main reasons: presence of the
compressive axial load and confinement of the whole concrete section provided
by the steel jacket. After estimating the flexural capacity of the jacketed column,
the retrofitted column should be designed for a shear force at least equal to that
associated with the development of that new flexural capacity. It is believed that
rectangular steel jackets should work well for columns with inadequate shear
strength under axial compressive loads, as long as the steel jacket remains in the
elastic range. Shear strength and stiffness degradation occur only after wide
opening of the major diagonal shear cracks. Wide opening of the major diagonal
shear cracks does not happen for a column retrofitted with a full steel jacket
that remains elastic during an earthquake.

It is believed that if the steel jacket were allowed to yield, a major drop
in strength and stiffness might occur after reaching the peak load. A sudden
drop in strength may occur due to the possibility of loss of the shear resistance
provided by the aggregate interlock. This drop in strength would be more
dramatic in the presence of axial load.

For columns with inadequate lap splices, the presence of axial
compressive load reduces the amount of tensile force transmitted by the splice,
which may help the splice. However, in the presence of axial tension load, the
spliced bars may have to transmit high tensile forces before the development of
any significant rotations in the splice region to force the steel jacket to confine
the splice.

8.14 SUMMARY

In this chapter, general evaluation of the performance of the test
specimens and the effect of different variables were presented. In addition, a
simple analytical model for the design of rectangular steel jackets was presented.
The proposed model for the design of steel jackets for strengthening of columns
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with inadequate lap splices was based on a shear friction mechanism of concrete
in the plane of the spliced bars. The steel jackets may contain adhesive anchor
bolts. The effectiveness of the steel jackets is considered limited by the critical
dilation strain, which was determined experimentally.

For columns with inadequate shear strength, the proposed model for the
design of steel jackets is based on equilibrium of shear forces. To avoid any
possible dramatic loss of strength and stiffness at large displacements, stresses
in the steel jacket were limited to half the yield strain of the steel jacket. A
simple model was proposed to estimate the flexural capacity of jacketed
columns. The model considers the increase of concrete strength due to lateral
confinement provided by the steel jacket. A numerical example is presented in
Appendix "C".



337

A
% 2Cs
(@
b L
/|

I/ ~s 3db I/

|
AN

(©

Figure 8.1 Compression Field Across Two Spliced
Bars Developed by Steel Jacket



338

k)

3

@ N

9 =

S/( W.
O T
h N
AN K
N

>
o <

8
=4
% 8
2 3
s
VY VY VY VY VY

\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\&

»»»9»»»9»»»

'f'i"\&@‘
Vsj/2 ¢Vst/2 v

Steel Jacket

Non-Shrink
Grout

o

T

Figure 8.2 Shear Friction Mechanism at Spliced
Bars of a Retrofitted Column With Steel Jacket



339

sljog Joyouy yum 19oep [9els (q) 1exoer [e8ls ureld (&)
1 Jo esn ey} Aq suwnjo) Jeinxe} pspyoey Jo uoibey eolds £'g einbi

(@

1oxyoer
Iea)s

jog Joyouy

(e)

o= [

1oxoep
1981

dep jews



340

O 8 Steel Jacket

Vs + Vst+ Vab

Column Bar

Wy

Footing Bar

./

I

AN

Steel Jacket

Non-Shrink
Grout
Adhesive
Anchor

(b)

Figure 8.4 Detail of Adhesive Anchor Bolt in the

Splice Region : (a) Plan (b) Side View



341

Footing Bar

-
—>

3
b
0 - e
-
S = ) >
- Eg F5 Q
§ 2?0 26 = 2 k>
& §0 258 »n E
Z << o
— :
0 (5]
o m
©
e
23
25
°
=
8¢
a <
Oy
® &
Ed—l
G g 2
> S &
+ 52
B o Q2
> C s 2
+ 1] c P
Q o 2 £
> B2
s B i
w0 S
w O
0
©
o
35
A=)
ic



342

| 0.85 1"cI

C=0.85 fc(b)a
<

. C =0.85Fc0 (b) ace
<~

d-52)

> >
Toy= As Fy

T=Cc —> ax<a —> (d-&) > d-§)

Msiy) > Mn

Figure 8.6 Flexural Capacity of R/C Sections
(@) Ordinary (b) Steel Jacketed



343

| 0.85 1’cI

C=0.85 fc(b)a
<~

-3

> >
Toy= As Fy

. Csh=0.85Fco{b)aco
<

(d-22)

> >
Tsh= As Fsh

fec > fe

To o —> Msish) > Msjy) > Mn

Figure 8.7 Flexural Capacity of R/C Sections(a) Ordinary (b) Steel
Jacketed, including Strain Hardening of the Main Bars



344

® & o ¢

Steel Jacket

/

EEEEUEEEREG

f

V, V;

ZY T va¥ V5
2 2

Figure 8.8 Lateral Confining Pressure fi

<8 Confined Strength Ratio fi./f, \" )
AN 1.0 15 2.0 '
< 0 N ¥

o AN 1

g \ A |

- AR

w 0.1 \N

g AN

a IHTITAIN QN e

o g Skt ettt THRERISIN | 2°%:

€ 0.5 ] VA

S \ AN N

S N

© Bioxigl— TR

z R RAILIV
$0.3 PR RN

S 0 o1 02 03

Smallest Confining Stress Ratio , f§,/T,

Figure 8.9 Confined Strength Determination from Lateral Confining
Stresses for Rectangular Sections, Ref. [11].



345

1evj0ef el Buo (q) 1evoer [ee1s Loys (e)
: JO @sn 8y} Aq suwNnjoY feinxeld pajoley jo uoibey eolds 0}°g einbiy

(@)

jlog Joydouy

1eoer
e8lg

joei)

jeinxe} Jofe

(e)

uwnjon
yoein
|eanxe} Jolepy

—



1/4" Thick Steel Jacket 1.0" Adhesive Anchor Bolts 346

2"x2"x 1/4* 1.0 Thick Non-
Steel Angle

Shrink Grout

L 122 |12 |, 122 |
{ ’

1

(a) Details of Steel Jacket with Anchor Bolts

4.0

| 4.126°

Plane of the Splice

12.25" /
/

(b) Width of Confined Zone by Anchor Bolt at the
Potential Crack Plane ( Plane of the Splice )

Figure 8.11 Width of Confined Zone by a Single Anchor Bolt
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CHAPTER 9

SUMMARY AND CONCLUSION
9.1 SUMMARY

The use of thin rectangular steel jackets for seismic retrofit of non-
ductile reinforced concrete columns was examined. Experiments were
conducted on large scale columns with inadequate lap splices or inadequate
shear strength. All the columns investigated in this research were detailed
according to the provisions of the ACI 318-56 and ACI 318-63 codes. Design
guidelines presented here are applicable to non-ductile reinforced concrete

columns that meet the requirements of the older ACI code provisions.

Seventeen large scale columns with inadequate lap splices were tested
under static cyclic loading. These columns were investigated for pre-
earthquake strengthening and post-earthquake repair. Eleven large scale
columns with inadequate shear strength were tested under static cyclic
loading in both the weak and the strong direction of the column. The shear

columns were investigated for pre-earthquake strengthening.

Simplified analytical models for the design of the rectangular steel
jackets for seismic retrofit of reinforced concrete columns were presented. In
addition, a simple model was presented for evaluation of the flexural capacity

of a steel jacketed reinforced concrete column section.

349
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9.2 CONCLUSIONS

The study was divided into two major parts: flexural columns with
inadequate lap splices in the longitudinal reinforcement, and shear columns
with inadequate shear strength. The flexural columns were divided into two
groups representing pre-earthquake strengthening and post-earthquake repair.
The shear columns were divided into two groups: columns loaded in the weak
direction and columns loaded in the strong direction. Following are the major

conclusions of this study:

9.2.1 Pre-Earthquake Strengthening of Flexural Columns

1. Thin rectangular steel jackets were very effective in strengthening of
columns with inadequate lap splices detailed according to the older
ACI code provisions. Sections 8.4and 8.5present a simple model for

the design of steel jackets with and without anchor bolts.

2. Rectangular steel jackets without anchor bolts were adequate for
strengthening of 36 inch wide columns and smaller, having concrete
strength = 4900 psi.

3. Rectangular steel jackets without anchor bolts were adequate for
strengthening of 18 inch wde columns and smaller, having concrete

strength higher than 2500 psi.

4. Rectangular steel jackets with anchor bolts were adequate for
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strengthening of columns wider than 18 inches up to 36 inches, having

concrete strength lower than 4900 psi but higher than 2500 psi.

9.2.2

The steel jackets should be terminated away from the of the footing
to avoid any bearing of the steel jacket against the footing. In this
study, the steel jacket was terminated 1.0"from the top of the footing.

The strengthened columns exhibited flexural capacity higher than the
theoretical flexural strength of unretrofitted columns. Section 8.6
presents a simple model to estimate the flexural capacity of retrofitted

columns.

The strengthened columns showed much higher ductility and energy

dissipation than the basic unretrofitted columns.

Post-Earthquake Repair of Flexural Columns

Thin rectangular steel jackets with through rods were very effective in
seismic repair of damaged reinforced concrete columns with

inadequate lap splices.

Rectangular steel jackets with anchor bolts are not as effective for

post- earthquake repair as they are for pre-earthquake strengthening.

The column in which the damaged splice was repaired by welding

showed very good performance. Welding should be conducted for such
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columns according to the American Welding Society recommendations
AWS D1.4-79.

Although it might not be severely damaged and loose, removal of the
concrete in the vicinity of the spliced starter bars may be needed. In
this study, the thickness of the removed concrete was 1.0 inch.

The repaired columns exhibited flexural capacity higher than the
theoretical flexural strength of unretrofitted columns. Section 8.6
presents a simple model to estimate the flexural capacity of retrofitted

columns.

The repaired columns showed much higher ductility and energy

dissipation than the basic unretrofitted columns.
Strengthening of Shear Columns

Thin rectangular steel jackets were very effective in strengthening of
reinforced concrete columns with inadequate shear strength. Section
8.12 presents a simple analytical model for the design of steel

jackets for shear strengthening.

Columns strengthened with full rectangular steel jackets exhibited
higher flexural capacity, ductility and energy dissipation than the basic

unretrofitted columns.
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Rectangular steel jackets should be installed over the full height of the

column, but terminated one inch from the top and one inch from the

bottom of the column.

Although steel jackets are very effective in enhancing the strength and
ductility of columns with inadequate shear strength, they are
considered passive systems. They start working effectively after the
concrete column has developed major diagonal shear cracks.

RECOMMENDED FUTURE RESEARCH

The experimental test results and the analytical models of this study

provide a better understanding of the use and design of rectangular steel

jackets for seismic strengthening and repair of non-ductile reinforced

concrete columns. Based on the results of this study alone, complete design

recommendations cannot be developed due to the large number of variables.

In order to develop comprehensive design criteria for the use of

rectangular steel jackets for seismic retrofit of reinforced concrete columns
further research should be conducted:-

Investigation of retrofitted columns under axial and lateral loads.
Investigation columns with inadequate lap splices loaded in the strong
direction.

The use of different types of anchor bolts, e.g. expansion bolts.

Research on steel jackets with various thicknesses.



APPENDIX A

CONSTRUCTION OF BASIC COLUMNS

Test specimens’ were constructed in two stages. The footings were cast
in the first stage and the columns in a second stage. This resulted in a cold
construction joint between the column and the footing. Figures A.1 through
A.4 show the construction sequence of four test columns. The two front
columns are flexural columns with an inadequate lap splice at the base of the
column. The rear columns are shear columns with inadequate shear strength.
The construction sequence can be summarized as follows:-

1. Assembling of footing steel cages, and erection of footing
formwork.

2. Tying shear column longitudinal bars and flexural column starter

bars to the footing reinforcement.

Casting of footing concrete.

Splicing flexural column main bars with the footing starter bars.

Tying transverse reinforcement.

Erection of column formwork.

Casting of column concrete.

® N v s W

Removal of column formwork.

354
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Figure A.1 Four footings prior to casting of concrete.
Front footings are for flexural columns.

Figure A.2 The four footings after casting of the concrete.
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Figure A.4 Four basic columns. The front columns are the flexural
columns and the rear columns are the shear columns.



APPENDIX B
INSTALLATIONOF ANCHOR BOLTS

The anchor bolt system used in this study was the Hilti HVA adhesive
Anchor System. It consisted of HAS anchor rod and HEA adhesive capsule.
The HAS anchor was a 1.0inch diameter threaded rod supplied with washer
and nut. The HEA adhesive capsule consisted of a pre-measured amount of
vinyl ester resin with a dibenzoyl peroxide hardener in a glass capsule. Figure
B.1 shows the HAS anchor bolt and HEA adhesive capsule. The installation
of the anchor bolts was conducted according to the manufacturer instructions,
but the holes were not flushed with water nor blown out by compressed air.
The holes were thoroughly brushed and dry vacuumed. Figure B.2 shows the
installation instructions of the anchor bolts according to the manufacturer
instructions.

Ao RTINS T
, N D24 x 210 (1% B7an . T
&t 0o r, + o o1 HER M24 x 210 (1% 84%). ,,.A‘,A_._E

HEA adhesive capsule

min. depth of embedment mark —

PR Y e VT SN LT Lone g >
g S S e ™
\\\\\\\\\\\\\\ 11} uulln\uul\nuuuoll\unulnnullulllulfﬁ .

HAS anchor rod assembly with nut and washer

Figure B.1 HAS anchor rod and HEA adhesive capsule, Ref.[36].
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APPENDIX C

DESIGN OF A RETROFITTED FLEXURAL COLUMN

In this appendix, an example for the design of retrofitted column with
inadequate lap splice is presented. The details of the column are similar to
those of column FC12, however, the strength of concrete is 3000 psi and the
yield strength of steel is 60 ksi.

Solution:

C.1  Checkthe actual length of the splice, minimum L, according to Equation
(8-2) and the splice length L,according to ACI 318-63.

Actual L, = 24 inches.

_ 1254,F, 0020 4, F,  0.02 (1.0") 60,000ksi _ "
Loy = = = 21.91
=dU, ‘[}‘: 3000p.s.i.

(ACI318-63) L, =24 (d,) =24 (1.0") =24.0"

The actual splice length meets the ACI 318-63 requirements and longer than
L iy Therefore, the splice is repairable with rectangular steel jacket.

C.2  Check if anchor bolts are required.
calculate shear friction stress

359
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ve= 02, < 800 psi

=0.2(3000psi) =600 psi < 800 psi s vy = 600 psi.
calculate the width of the shear friction surface
W, = 2Cs = 3.46"

=3(dy) =3(1.0") =3.0" .. W,=3.0"

calculate the shear friction force at the development of shear friction
mechanism

Vie=ve*Ay = ve (W,*L,) =600 psi (3.0"x24")
= 43,200 lbs. = 43.2 kips. <. V= 43.2 kips.

check the yield force in the longitudinal bar

Ty =A,*F,=0.79in?> (60ksi) = 47.4kips.

V¢ <T,,, Shear Friction Mechanism will occur before the development of the
yield capacity of the longitudinal reinforcing bars.

*. Anchor bolts are required.
C.3  Design of steel Jacket
Estimate the actual shear friction stress, considering p = 1.40.

2Cs =3.46" =Cs = 1.73", Cc= 1.5 + 0.375 = 1.875"



361

.". splitting over the entire width of the column may occur

A*1.25+F,  8(0.79)(1.25+60000)
w x4, 1.40(36%24)

Ve = 392 psi. < 0.2 * f,

tg 2 [(grbxs) - (u, nd, L, Li)nab - (A *F) ] * h (8-11)

2 36+s5+4f;

Ve*b *s=0.392(36) 16 = 226 kips.
u, =16 f, =16 3G00 = 876 psi.= 0.876 ksi.

Width of Column = 36", .". use 2 anchor bolts dividing the width of the column
into three 12 inch segments.

L,= 8.0"-1.5-0.375- 1.0 = 5.125"

Uy 7dy Ly (S/L,) 0, = 0.876 7 (1.0) 5.125 ( 16/24 ) 2 = (9.40) 2 =18.8 kips
(18.8/ 226 ) 100 = 8.3 % OK.

A *F,=5(0.11) * 60 = 33.0 kips.

f;=22ksi.

18

— = 0.247"
36%16%22

t; 2[(226) - 188 - (33)] =

<. Use 1/4" thick steel jacket with two vertical lines of two anchor bolts each.
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C.4 Check the Ultimate Flexural Capacity of the Jacketed Column

Calculate the confining lateral pressure in the weak and the strong
directions using Equation (8 - 12 ).

1

18
LUl xF) s 2@ esxfyr 215 (5—)  (-12)
confining pressure in the weak direction
18 1 .
= A1)60 + 2 (1/4) 16 * 22 * — = 0.332 ksi
S = [ (5(0.11)60 + 2 (1/4) 16 * *20]*(36*16) 0
confining pressure in the strong direction
18 1 .
= [ (2(0.11)60 + 2 (1/4) 16 * 22 » — = 0.
S = [ 2(0.11)60 + 2 (1/4) 16 * *38]*(18*16) 0.335 ksi
Jw 00332 o110 0 Js L0335 oqn
Jeo 3.0 Lo 3.0

Use the chart in Figure 8.9 to find the strength magnification factor. The

magnification factor = 1.65.

f.. = 1.65( 3000 ) = 4950 psi = 4.95 ksi.
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estimate the concrete strain that is associated with the maximum confined concrete

compressive strength f .,

€= o[ 1+ 5 (o ff - 1) ] (8-13)
& = 0.002[1 + 5 (4.95/3.0-1) ] = 0.0085
see Figure C.1,
assume a. = 3.13", ¢=a,/ 0.85=3.13/ 0.85 = 3.682"
&= 0, f,=0
C.=0.85(4.95)36(3.13) = 474 Xips.
C = 474 Xkips.
T=8(079){1.25*60} = 474 kips. T =C OK.

M= 474 (9-3.13/2) + 474 (9-3.375)
= 3524 + 2666 = 6190 kip-in = 515.8 kip-ft

compare with the test columns,

H = M/ height of column = 515.8/ 9 = 57.3 kips

OK.
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C.5 Check the Shear Capacity of the Jacketed Section

d
Vy = 45 * (05 % F, ), S_’f (8-16)
9

Vi = (0.25" x 0.25") * (0.50x 36 ksi ) * ( 20"/ 0.25") = 90 kips

V.=2 ﬁb d = 2 ,/300036(15.625) = 61618.781bs = 61.6kips

Vo= Ay*F, = 5(0.11) 60 = 33.0 kips.

Vo= V. + Vy + V; = 61.6 +33.0+90 = 184.6 kips



APPENDIX D

NOTATIONS
a = depth of the compression stress block for unconfined concrete (in)
a, = depth of the compression stress block for confined concrete (in)
A, = area of anchor bolt (in?)
A, = area of reinforcing bar (in?)
A, = area of longitudinal reinforcing bar(s) (in?)
A,, = surface area of anchor bolt over the embedment length (in?) ‘
A, = area of shear surface (in?)
A, = area of steel jacket (in?)
A, = area of transverse reinforcement (in2)
b = width of column (in)
C = resultant of compressive forces (kips)
C. = thickness of the clear concrete cover to the main bars (in)
Cy, = minimum thickness of new concrete behind the spliced bars (in)
C. = half the clear spacing between two adjacent longitudinal bars (in)
d = distance from the centroid of tension steel to extreme compression
fiber of concrete (in)
d, = nominal diameter of anchor bolt (in)
d, = nominal diameter of reinforcing bar (in)
d; = total depth of the steel jacket (in)
ED, = bottom edge distance of a bolted steel jacket (in)
ED, = top edge distance of a bolted steel jacket (in)
f. = concrete compressive strength at the day of testing (psi)

. = uniaxial compressive strength of a 6.0" diameter concrete cylinder at
28 days (psi)
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f.. = confined concrete compressive strength (psi, or ksi)

f.» = unconfined concrete compressive strength (psi, or ksi)

hi= lateral confining pressure in a concrete section (psi, or ksi)

f, = lateral confining pressure in the strong direction (psi, or ksi)
fw = lateral confining pressure in the weak direction (psi, or ksi)
f; = effective stress in steel jacket (ksi)

F, = tensile yield strength of steel (ksi)

F,, = tensile yield strength of transverse reinforcement (ksi)

h = total depth of column (in)

L, = actual embedment length of anchor bolt (in)

L, = length of the lap splice (in)
L, = height of steel jacket (in)
M, = nominal flexural capacity of ordinary reinforced concrete section

(kip-in)
M,; = nominal flexural capacity of steel jacketed reinforced concrete section
(kip-in)
M, = nominal flexural capacity of steel jacketed reinforced concrete

section at steel stress 1.25 F, (kip-in)
n,, = number of anchor bolts within the splice length (see section 8.5 for
more details)

$ = spacing between layers of transverse reinforcement (in)

s,; = spacing between the imaginary square ties of the steel jacket (in)
ty; = thickness of the steel jacket (in)

T, = force in anchor bolt (kips)

T, = tensile force in the longitudinal bars (kips)

T,, = tensile yield force in the longitudinal bars (kips)

u, = bond stress between anchor bolt and concrete (ksi)

U, = effective bond stress corresponding to concrete "cylinder shear-off"
failure (psi)
v, = shear stress at the development of shear friction mechanism
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(psi, or ksi)
V., = confining force by the anchor bolts (kips)
V. = nominal shear force carried by concrete (kips)
V. = nominal shear force at section (kips)
V, = shear force at the development of shear friction mechanism (kips)

V, = nominal shear force carried by steel jacket (kips)
s = confining force by steel jacket (kips)
confining force by the transverse reinforcement (kips) or,

< <
e 3
o

V. = nominal shear force carried by transverse reinforcement (kips)
W, = width of shear friction surface (in)

g, = steel strain

g, = steel yield strain

&n = steel "strain hardening” strain

&. = concrete strain associated with the maximum confined concrete

compressive strength
&, = concrete strain associated with the maximum unconfined compressive

strength f’,, (generally assumed 0.002)
p = shear friction factor
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